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6,1 TINTRODUCTION

In Chapter 3, a linear elastic analysis was
presented which enabled the prediction of the
response of a thin-walled structure, 1In Chapters
4 and 5, tests on thin-walled channel section
portal frames were described. The frames were
representative of thin-walled structural frames
that are presently used. The test frames
contained eccentrically applied 1loads and were
restrained eccentrically by simulated purlins and
girts. Hence, the object of this Chapter is to
use the analytical methods to predict the
behaviour of the test frames. The simulation of
the behaviour of the test frames in this Chapter,
will be confined to the elastic response.

The first response to be predicted was the
in-plane behaviour. The in-plane response
consisted of the horizontal and vertical
deflections as well as in-plane rotations of the
frame. The second response to be predicted was
the out-of-plane Dbehaviour. This behaviour
consisted of the rotations about the longitudinal
axis of each member. These rotations were the
result of two different components. Firstly, the
elastic rigid-body rotation resulting from a
matrix displacement analysis and secondly, the
distortion of the cross-~section were determined.
The overall rctation of the top flange could be



- 294 -

obtained from the superposition of the two
rotations. The third response to be predicted was
the longitudinal stress distribution. The stress
distribution is useful as it permits the major-
axis bending moment distribution to be
calculated. Obtaining the stress distribution is
also important in the region of local buckling in
order to determine the buckling 1load for the
member. Hence, this Chapter will investigate the
in-plane and out-of-plane response and the
longitudinal stress distribution for each of the

frames tested in the experimental study.

6.2 THEORETICAL ELASTIC ANALYSIS

A general program in which a linear elastic
analysis was performed for thin-walled frames was
developed in Chapter 3. The analysis of the
experimental frames by the general thin-walled
program is discussed in this Chapter. The overall
and cross-—-section gecmetry of the frames was given
in Chapter 4. The four members of the frame were
subdivided into a further four elements for the
discrete element analysis. The eave and apex
joints were considered as separate members and
they were subdivided into a further twc elements
each, Hence, to describe the geometry of the
frame, a total of twenty four elements and twenty

five nodes were required.

The global axis system used to describe the
frame geometry was orientated such that the Y-axis
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was horizontal and the Z-axis was vertical. A
total of seven constraints could be applied at
each of the nodes. The constraints consisted of
displacement restraints in the direction of the
three global axes, rotation restraints about the
same three axes and a warping restraint. In each
frame, the X-axis or out-of-plane displacement was
constrained at each of the wpurlin and girt
positions as well as at the base joints.
Horizontal and vertical displacement in the Y-axis
and Z-axis respectively was constrained only at
the base Jjoints. However, when analysing the
internally braced Frames 5, 6 and 7 in which
" rotation about the longitudinal axis was
effectively prevented at the point of attachment
of the bracing, appropriate rotation constraints
were included. In all the frames tested the in-
plane or X-axis rotations were not prevented at
any position. Warping displacement was also not

constrained at any point around each frame.

The analysis required data in the form of
the elastic and shear moduli, the area, major-axis
and minor-axis moments of inertia and the torsion
and warping constants for each discrete element.
The member axis system, as described in Chapter 3,
was located such that the origin of the axis
system was at the centre of the web of the channel
and the member x-axis passed through both the
_centroidal and shear centre positions. Centroidal
and shear centre axis eccentricities with respect

to the member axis system were required to



- 296 -

describe the position of the cross-section.

The bolted joints shown in Fig. 4.3 were
designed to transmit moments and forces from the
web of one channel membef to the neighbouring
channel member without any slip occurring in the
bolted connections. The analytical representation
of the joints is shown in Fig. 6.1. Since the
plate thickness of the joints including the cover
plate was 25 mm and the plate thickness of the
channel section was 1.86 mm, the Joints were
regarded as effectively being rigid bodies linking
the webs of two adjacent channel sections. 1In the
‘analysis, they were treated as prismatic members
with their shear centre and centroidal axes
coinciding along the centreline of the plate,
They were considered as having no warping torsion
capability but transmitted all torque by Saint
Venant torsion. Hence, they could not transmit a
bimoment. Consequently, the bimoment on the end
of the channel was zero calculated with respect to
the X', Y' and 2' axes. Eguation (3.46) has shown
that for this condition the bimoment (BZ)
calculated with respect to the shear centre of the
channel is simply equal to the majbr-axis bending
moment multiplied by the distance from the shear
centre to the channel wéb. Therefore, this value

of bimoment was applied to the end of the channel.

The points of restraint, simulating the
purlins and girts were eccentrically placed with
respect to the member axis system. Hence, the
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restraint eccentricities in the X', Y' and 2"
directions were specified in the data. In the
out-of-plane direction, the eccentricity was equal
to half the flange width. The in-plane
eccentricity was equal to half the depth of the
section added to a constant 50 mm which was the
distance that the restraint was located from the
outside flange. The horizontal and vertical
forces were applied to the restraint points around
the frame in the same ratios as the experimental

loading patterns.

6.3 IN~-PLANE DEFORMATION PREDICTION

The elastic thin-walled program (FEETA) was
used to analyse each of the seven test frames.
The in-plane deformations were obtained from the
analysis. A comparison could then be made with
the results of the experimental study.

6.3.1 Elastic Deformations

In-plane deflections were predicted at the
stanchion mid-point, eave joint, rafter mid-point
and the apex joint for the left hand side of each
frame. The deflections are shown in Table 6.1.
In-plane rotations were predicted at the base
joint and eave joint for the left hand side of
each frame. The rotations are shown in Table
6.2, The deformations are based upon a linear
extrapolation at a load equivalent to the
experimental ultimate load of each frame.
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6.3.2 Comparison-Between Experimental

and Theoretical Analysis

To enable a comparison to be made between
the theoretical in-plane predictions and the
experimental readings, frame flexibilities have
been produced. These ‘flexibilities were
calculated by obtaiﬂing the linearly extrapolated
deformation at the ultimate load and dividing by
the ultimate 1load. The experimental in-plane
flexibilities are given in Table 6.3. The
corresponding theoretical elastic flexibilities

-are given in Table 6.4.

The stiffeﬁing of the in-plane response due
to the additional braces has been highlighted in
the experimental results. The analytical model
accurately predicts the stiffer response of the
braced frames. The stiffening effect was evident
when comparing the displacement and rotation
flexibilities shown in Table 6.4, for frames with
corresponding load cases. For example, the
flexibilities for Frame 1 and 2 may be compared
with the flexibilities for Frame 5 since these
frames were subjected to Load Case 1. Similarly,
Frame 3 and Frame 6 may be compared as well as
Frame 4 and Frame 7 since Load Cases 2 and 3 were
used respectively. Hence, it 1is possible to
calculate the flexibility reduction for Frames 5,
6 and 7 with their corresponding frames for each
load case. The lateral movement o©of the eave
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joint, E Ay and the vertical movement of the apex
joint, A A, in Table 6.4, show the effect of the
additional bracing. For the eave 3joint, the
predicted flexibility was decreased by amounts
ranging from 17.9 per cent, 24.3 per cent and 17.8
per cent for the three load cases. The apex joint
showed a corresponding decrease in flexibility
ranging from 16.8 per cent, 25.1 per cent and 14.9
per cent for the three load cases. The
corresponding results for the experimental
analysis shown in Table 6.3 indicated a stiffening
at the eave joint ranging from 8.0 per cent 24.0
per cent and 11.0 per cent respectively. The
stiffening at the apex joint ranged from 10.0 per
cent, 20.8 per cent and 14.9 per cent for the
three load cases. The additional bracing was
added to reduce the out-of-plane deformations
including the rotation of the members about their
longitudinal axis. However, the results indicate
the marked effect of the bracing on the in-plane

deformations.

The prediction of the in-plane
flexibilities was reasonably accurate, considering
the variations that may occur between frames used
for a comparitive experimental study.
Discrepancies do occur as indicated by the in-
plane rotation at the eave joint, however, in this
case the flexibilities are of a very small
magnitude. The non-symmetrical behavicur of the
test frames is also evident from a comparision
between the apex lateral deformations shown in
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Table 6.3 and Table 6.4.

A linear elastic prediétion for each frame
assuming "prismatic members" was performed. The
results, expressed as flexibilities, are given in
Table 6.5. The effects of <cross-section
monosymmetry and thin-walled torsion theory are
not accounted for in the ©prismatic member
~analysis. Intuitively, the results from this
analysis should reflect a much stiffer response
from each frame because of the absence of thin-
walled effects. The results shown in Table 6.5
can be compared with the experimental results in
‘Table 6.3 and the theoretical results in -Table
6.4. The prismatic member analysis has predicted
deflection flexibilities which are as much as
forty per c¢ent lower than the theoretical thin-
walled predictions. The deflections are
consistently lower than the experimentally
measured values. Because of the smaller
deflections, the in-plane rotation flexibilities
were smaller than those measured or predicted from
the thin-walled analysis, The comparison
indicated the inadeguacies of a prismatic member
analysis when used for a problem which included

thin-walled members.

A graphical comparison between the accuracy
of the thin-walled in-plane deformation
predictions and the experimental response is shown
in Fig. 6.2. The figure shows the response of the
vertical apex deflection for Frame 2. Plotted on
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this figure is the linear elastic prediction for a
frame composed of-prismatic members with a major-
axis moment of inertia identical with the cold-
formed channel. Also plotted is the prediction of
the linear elastic behaviour including the effects
of thin-walled torsion theory and cross—-section
monosymmetry. Their effect upon the elastic
prediction for the apex joint movement is clearly

shown. The elastic prediction for the frame at
| loads up to half ultimate is very close to the

measured experimental response.

In general, the agreement between the
-experimental and thin-walled analytical model was
favourable for all the frames. However, the
experimental results shown in Table 6.3 had a
tendency to indicate a slightly more flexible
response that the theoretical results shown in
Table 6.4. The tendency was more pronouced
especially for the apex Jjoint results. The
discrepancy between the theoretical model and the
experimental flexibilities was of the order of a
few per cent. The consistency of the difference
in the flexibilities indicated an influence that
was present in each of the test frames. An
explanation for the greater flexibility could be
in the behaviour of the joint system used in the
experimental frame study. The stiffened plate
joint to which the web of the cold-formed channel
members were attached, could result in a more
flexible connection than that modelled
analytically. This may be caused by the presence
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of shear straining of the cold-formed channel at
the member to Jjoint interface. The shear
straining is brought about by the presence of
discrete connections which transfer the stress
resultants from the joint plate into the channel
member. A study was made of the problem and the

results are given in Section 6.4.

6.4 THE EFFECT OF SHEAR STRAINING

The in-plane deformations of each test
frame were found to be of the order of a few per
cent more than the theoretical predictions. The
greater flexibility could be associated with shear
straining at the joint plate to channel member
connection, The problem could be studied
analytically by modelling the connection and using
the finite strip and finite element methods to
investigate the effect of shear straining. The
joint was simplified by assuming that each bolt
exerted a concentrated axial force on the channel
member. The aim was to study the effect upon the
longitudinal stress distribution that concentrated
loading of this type would produce. Concentrated
loads raise the magnitude of stress near the point
of application and this was enunciated by Saint
Venant (1855). The problem of localised stress
concentrations has become a major concern in the
field of prestressed concrete. Many reserachers
have investigated the problem, including Coker et.
al. (1921), Tesar (1932), Guyon (1951) and Som and
Ghosh (1964).
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6.,4.1 Thin Beam Problem

In order to study the effect of shear
straining, the simple problem  of a deep
rectangular beam subjected to a similar loading
condition to the one outlined above was chosen.
The rectangular beam was used so that firstly it
would be simple to understand and secondly it
would enable the evaluation of the accuracy of the
numerical methods of analysis. The beam had a
span of 1000 mm and cross-section dimensions of
200 mm by 5 mm. Point loads were located at each
end and 25 mm from the outside edges of the
beam. The loads were equal in magnitude and were
equivalent to an in-plane moment about the
centroidal axis. A diagram of the beam is shown
in Fig. 6.3.

The thin beam was studied wusing three
different. approaches, namely the finite strip
method, the finite element method and an
analytical solution developed by Guyon (1951). In
the finite strip analysis, the beam was subdivided
into sixteen equal longitudinal strips. For the
finite element study, the mesh used is shown in
Fig. 6.4. The elements used for the study were
eight node, linear strain, isoparametric elements
(Zienkeiwicz [1977]). The finite element program
used for the analysis was developed by Campbell
(1878). The solution derived by Guyon is for the

case of a prism of rectangular base and finite



- 304 -

length subjected to the action of forces parallel
to the axis of the prism. An approximate solution
is obtained by the use of a double Fourier
series. The results from the three analyses have
been non-dimensionalised. The notation used in
the non-dimensional study is shown in Fig. 6.5.
The results of the three analyses have been shown
in PFigs. 6.6 to 6.8. The non-dimensional
variation of longitudinal stress using the finite
" strip analysis is shown in Fig. 6.6. A total of
sixteen longitudinal strips modelled the beam and
enabled the longitudinal stress distribution to be
obtained. To achieve a sufficient accuracy from
the finite strip method a large number of Fourier
terms is required. Analyses were performed with
increasing numbers of Fourier terms until a
satisfactory convergence level was obtained.
Hence, it was found that fifty Fourier terms,
starting from the first harmonic and ending with
the one hundred and first harmonic, were required
for the analysis giving a convergence for the
longitudinal stress of less than 1.2 per cent at a
distance of 25 mm from the point of load
application. A level of convergence smaller than
the value achieved is difficult to obtain because
of the nature of the loading case considered. A
point load applied to the end of the beam will
produce a value of infinite longitudinal stress at
the point of application. Hence, for small
distances in the longitudinal direction from the
applied load, the solution will be very inaccurate
for a low number of Fourier terms. The
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longitudinal stress for the top half of the beam
shown in Fig. 6.6 is identical but opposite in
sign for the stresses in the lower half of the
beam. The 1longitudinal stress distribution
behaves according to the principle of Saint Venant
in that at a distance from the end of the beam,
equal to the depth of the beam, the stress
distribution becomes linear and can be predicted
by simple bending theory. The finite element
solution 1is shown in Fig. 6.7 and the solution
derived from Guyon's approach in shown in Figqg,.
6.8. The three methods produce approximately

equivalent results.

6.4.2 Lipped Channel Problem

The thin beam problem demonstrated that the
variation in 1longitudinal stresses could be
predictéd using numerical techniques., The aim now
was to determine the variation in the longitudinal
stress of the 1lipped channel. The channel 1is
shown in Fig. 6.9. The section had a depth of 152
mm, a flange width of 76 mm and a thickness of
1.86 mm,. The depth of the lip stiffener was 15
mn. Equal and opposite concentrated loads,
idealising the bolts of the joint, were positioned
40 mm on either side of the neutral axis., The
figure shows the subdivision of the channel into a
total of eighteen 1longitudinal strips for the
finite strip analysis. '

The longitudinal stress distribution
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according to simple bending theory 1is easily
calculated for this loading. It simply consists
of a major-axis bending moment and a bimoment andg
is shown in Fig. 6.10. The finite strip analysis
was used to obtain the stress distribution along
the longitudinal axis of the channel. As before,
a total of fifty Fourier terms were used for the
analysis giving convergence for the 1longitudinal
stress of 3.0 per cent at a distance of 10 mm from
- the point of load application and 1.1 per cent at
a distance of 150 mm. The longitudinal stress
distributions for distances of 10 mm, 50 mm and
100 mm from the end of the channel are shown in
Fig. 6.11. For a distance as close as 100 mm from
‘the end, the stress distribution had almost
approached the theoretical distribution, The
variation in the longitudinal stress for five
points around the cross-section is shown in Fig.
6.12. Even for such a complex cross-section as a
lipped channel, the principle of Saint Venant
appears to be correct, At a distance of 150 mm
from the end of the channel, the stress

distribution has become constant except for the
| lip stiffener which takes considerably longer to
reach the theoretical stress. The prcobhlem was
also solved using the finite element method. The
element subdivision for the channel is shown in
Fig. 6.13. The elements in the web were 200 mm
long and the width varied from 26.6 mm to 35 mm,
In the flange the elements were 200 mm long and
25.3 mm wide. A similar wvariation in the
longitudinal stress distribution of the channel
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cross-section was obtained using the finite
element method and the results are shown in Fig.
6.14. Hence, for the purpose of analysis it is
possible to assume that the shear straining which
is taking place, occurs over a small length at the
end of the member, The length of the stress
disturbance is equivalent to the depth of the
channel,

The results of the finite element method
were used to produce Jdiagrams for the deformed
shape of the channel member. The channel; loads
and element subdivision are shown in Fig. 6.14. A
magnified view of the deformation for the channel
in the same orientation as Fig. 6.14, is shown in
Fig. 6.15. The figure shows the twisting and
distortion that was similar to the observed
behaviour of the stanchions and rafters in the
test frames. .The opening and closing of the
cross—-section can be seen from the movement of the
lip stiffeners. The cross-sectional distortion is
shown in an end view of the beam in Fig. 6.16.
Only half the length of the beam has been shown in

this view.

The relative rotation of the web in its own
plane was <calculated over the shear strain
affected zone. The relative rotation was obtained
from the difference of the rotation at the end of
the channel and the rotation at a distance along
the beam, equal to the depth of the section. The
rotation at the end of the chqnnel was calculated
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from the longitudinal deformation of the two
flange to web juhctions. The relative rotation
was also calculated over the sgame length of beam
for the simple bending theory equivalent stress
resultants acting on the beam. The ratio between
the rotation resulting from the concentrated
loading and the rotation calculated from simple
engineering bending theory was found to the 3.6.
~Hence, a 3.6 increase in the rotation of the
channel member over a length of 150 mm would
influence the in-plane theoretical prediction of
the behaviour of the frame. The effect of the
increased rotation becomes more significant when
‘it is multiplied by the six member to . joint
connections. However, the jointing system used
for the test frames consisted of plates clamped
onto the end of the web of the channel. Hence, in
the test frames the load would not be applied to
the end of the member as point loads but more as a
continuous loading along the web with a
concentration of loading at the bolt positions.,
The continuous loading effect would actually
reduce the relative rotation at the end of the
channel, however, for the purpose of this study,
the loading was idealised by two point loads.

An analytical method for determining the
effect of shear straining on the in-plane
deformations of the frame was obtained by reducing
the flexural stiffness of the 150 mm long element
and performing an elastic analysis on the whole
frame, It was found that a ten per cent reduction
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in the major-axis sﬁiffness resulted in a 2.6 per
cent increase in the in-plane deformations.
Similarly, twenty per cent and thirty per cent
reductions in the stiffness increased the in-plane
deformations by 6.0 and 10.0 per cent
respectively. However, the scatter of the
experimental readings prevented an accurate figure
for the amount of reduction in flexural stiffness
to be ascertained.' It appeared that the greater
flexibility was the result of shear straining,
however, the increase in flexibility was of such a
small magnitude that it . was unimportant for
engineering calculations. Moreover, it has been
shown that a thin-walled frame analysis was
sufficiently accurate for the prediction of the
in-plane response of the frame.

6.5 OUT-OF-PLANE DEFORMATION PREDICTION

The general thin-walled analysis described
in Chapter 3 was used to analyse each of the seven
test frames. The out-of-plane deformations were
obtained from the analysis. A comparison could
then be made with the results of the experimental
study.

6.5.1 Elastic beformations

The odt-of-plane - deformations were
predicted at the stanchion mid-point, eave joint,
rafter mid-point and the apex joint. The out-of-
plane load-rotation results are shown in Table
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6.6. The rotation about the longitudinal axis of
the stanchion and the rafter measured at the mid-
length was a combination of the elastic free body
rotation and the c¢ross—sectional distortion as
shown in Fig. 6,17, However, the rotations
measured at the eave joint and the apex joint were
not influenced by the cross—sectional distortion,
because the displacement transducers were located

on the rigid joints.

6.5.2 Cross-Sectional Distortion

Although very many studies have been
performed on local and lateral buckling modes
separately, very few studies have been made on
cross—-sectional distortion and distortional
buckling. Farly methods of analysing web
distortion (Goodier and Barton [1944]) were based
on the assumption that the web could be regarded
as a series of thin vertical beams with a
corresponding reduction in the Young's Modulus of
the material. The bending analysis of these led
to the prediction that the variation of the out-
of-plane displacements down the web c¢ould be
represented by a cubic polynomial. A closely
related folded plate method of analysis (Suzuki
and Okumura [1968]) has also been used, whilst a
more refined folded plate analysis which accounts
for the plate torsion actions in the web has been
developed by Kollbrunner and Hajdin (1968).

In later methods, exact plate bending
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theory was used (Timoshenko and Woinowsky-Krieger
[1959]) and in some cases exact solutions were
"obtained (Goldberg et. al [1964]). More often,
however, approximate solutions were obtained by
using eﬁergy and variational methods with assumed
displacement functions (Fischer [1967], Schmied
[1967] and Bartels and Bos [1973]). Some of these
methods involved the use of a cubic polynomial for
the web displacement and so were closely related
to the early beam bending approximation of web

distortion.

More recently, finite element methods have
been used. Rajasekaran and Murray {(1973)
presented a study of coupled local buckling in
wide-flange beam columns. They used the finite
element method of thin-walled line elements and
included deformational modes associated with
distortion of the cross-secton. The distortional
deformation modes assumed in the analysis were
limited and the model was only accurate in the
case where the web restrained the (flanges.
Johnson and Will (1974) presented a study of
lateral torsional buckling of I-beams including
the effect of cross-sectional distortion. They
used the finite element method and subdivided the
beam into a large number of rectangular
elements. A more recent study by Akay et. al.
(1977) isolated the out-of-plane buckling from the
in-plane stress analysis. Consequently, less
equations were involved in the buckling analysis.
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In this thesis the problem of the cross-
sectional distortion of the member was studied by
means of the finite strip method of structural
analysis. As described earlier, the measured
longitudinal rotations were a combination of the
elastic rigid body rotation of each member and the
distortional rotation of the loaded flange of the
channel. Hence, by assuming that the flange
rotations were a superposition of the two
components, a simple model for the out-of-plane
deformations was determined.

The finite strip method is a recent
variation of the finite element method as
described by Zienkiewicz (1977) and it was
developed initially by Cheung (1976). The finite
strip method differs from the finite element
analysis in the manner in which the structural
element is sub-divided for analysis. The finite
strip method involves the sub-division of the
element into longitudinal strips. The
displacement function in the longitudinal
direction of the strip is assumed to be a Fourier
series. In the finite element method, each strip
would be further sub-divided into a series of
rectangular elements. The displacement function
in the transverse direction of the strip is a
polynomial. The general mathematical formulation
of the displacement functions is presented by
Cheung. The specific formulation used in this
thesis is presented by Hancock (1977B).
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The stiffness matrix of a strip is
.established in the same way as for a finite
element, A stiffness matrix used in the finite
element method for the analysis of thin plates in
bending ‘was established by Melosh (1961). Each
strip in the finite strip analysis is subjected to
in-plane or membrane stresses and to transverse
bending forces. Because these two types of forces
are not coupled, it is convenient to establish the
characteristic stiffnesses separately in two
phases and then combine them into a comprehensive

stiffness matrix. In the formulation of the
stiffness matrix for the strip, orthotropic plate
theory is assumed. When the strip stiffnesses

have been computed and the conditions of
equilibrium have been imposed on the forces at
each nodal line, it is necessary to work in terms
of a common system of co-ordinates. This is
necessary as the elements are very often not
coplanar. Hence a transformation matrix as given
by Cheung (1969) is used to transform the forces
and displacements. Once the stiffness matrix has
been transformed into the common co-ordinate
system, it is possible to assemble the overall
stiffness matrix for the whole cross-section in
the conventional manner. The stiffness matrix for
the finite strip analysis of folded plate
structures is given by Cheung (1969).

The cross-sectional distortion was
determined for the stanchions and rafters of each
frame. in order to carry out the analysis, the
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channel cross-section was sub-divided into a
number of longitudinal strips. The two flanges
and the web were sub-divided into two strips each
and the reinforcing 1lip on each flange was
represented by a further strip, making a total of
eight longitudinal strips. Each member analysed
was considered to be simply supported at each
end. The loads which were applied to the
stanchions and rafters of each frame, were applied
to the particular element for analysis. Lateral
restraint simulating the restraining action of the
purlins and girts was also applied to the member
in the analysis. However, the finite strip
analysis does not allow discrete points of
restraint along the member and for this reason
nodal lines were fixed in position against lateral
movement., For the external restraints, the
centreline of the loaded flange was restrained,
however, for the internal and external restraints,

the centrelines of both flanges were restrained.

The distortional component of rotation was
calculated from the difference between the
rotation of the loaded flange, measured at the top
of the web and the rotation of the unloaded
flange, measured at the base of the web. The
distortional rotations are shown in Table 6.7.
The importance of the cross-sectional distortion
can be gauged by the magnitude of the rotations
given in Table 6.7.
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6.5.3 Comparison Between Experimental

and Theoretical Analysis

Out-of-plane frame flexibilities have been
tabulated for the comparison between the
experimental and theoretical analyses. The
experimental flexibilities are given in Table.
6.8. The corresponding theoretical flexibilities
are given in Table. 6.9 and include the
combination of the elastic rigid body rotation and

‘the cross-sectional distortion.

For the eave and apex joints where cross-
sectional distortion is not a consideration, the
agreement between the out-of-plane rotation
flexibilities is of the same order of magnitude.
In three cases the theoretical flexibility is of
opposite sign, however, considering the small
magnitude of the flexibilities, the predictions
' were reasonably accurate. For the analytical
prediction at the stanchion and rafter mid-points,
the influence of the distortional rotation is very
significant in each of the frames. For Frames 5,
6 and 7, the simulated fly bracing has almost
eliminated the rigid body rotation and hence the
total rotation is a measurement of the cross-
sectional distortion. The out~of-plane
distortional model is thus quite accurate in the
prediction of the distortional rotation. The
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agreement, however, is not as precise for the
frames without the internal restraints. For the
rafter mid-point, the disagreement is more
significant for Frame 3 than for Frames 1, 2 and
4, For Frame 3, the rigid body rotation accounts
for a considerable proportion of the total
rotation. The larger rotation of the rafter is a
consequence of the nature of Load Case 2 in which
a large positive bending moment occurs at the. eave
joint. The large bending moment produces a large
bimoment on the end of the rafter which increases
the rigid body rotation of the rafter. However,
the simulated dead and live loading applied to
Frames 1 and 2, induce negative bending moment at
the eave joint which tends to have a restoring
effect on the rigid body rotation of the rafter
thus resulting in a greater contribution of the

distortional component.,

In general, the prediction of the out-of-
plane flexibilities was reascnably good. The
results were not as accurate as the in-plane
predictions. However, the out—of-plane model was
more complex as a result of the cross-sectional

distortion being taken into account.

6.5.4 Non-Linear Out-of-Plane Response

The effect of load -eccentricities can have
a considerable influence on the behaviour of thin-
walled structures, especially structures composed
of asymmetrical or monosymmetrical Cross-—
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sections, - A thin-walled section deflects
laterally, twists and warps when the loading plane
does not contain the shear centre. As the
distance between the shear centre and the loading
plane increases with the twisting of the section,
a non-linear effect arises. The effect is shown
in Fig. 6.18. The load eccentricity of a thin-
walled section for an angle of twist 8 is given by
Eq. (6.1)

e = ayl « COS e + ha Sin e - ) e (6-1)

where ay: is the distance between the loading
plane and the shear «centre and h is the
perpendicular distance from the horizontal plane
containing the shear centre to the point of load
application. The effect of lcad eccentricity for
lipped channel cross—-sections has been
investigated by Reis and Branco (1979). However,
their work was aimed at the influence of lateral
instability effects on the collapse of structures.

The out-of-plane rotation for the test
frames was found to have a tendency to become non-
linear at relatively small loads. This behaviour
was particularly evident for the rafters which
were subjected to large eccentric loadings. The
long length o©of the rafters alsec enabled the
effects of load eccentricity to be more
pronounced. The rotation about the longitudinal
axis of the rafter at the mid-point for Frame 1 is
shown in Fig. 6.18. The figure shows that at a
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load of 6 kN or forty per cent of the ultimate
load, the load-rotation curve becomes 'distinctly

non-linear.

An attempt was made to model the non-linear
behaviour of the out-of-~plane rotation with the
use of Eq. (6.1). The theoretical solution for
the non-linear load-rotation response is shown in
Fig. 6.18 and is compared with the experimentally
measured values of rotation. The elastic
prediction is also shown in Fig. 6.18. The non-
linear solution produces a response which |is
slightly more accurate than the elastic
prediction. However, the modelling in the regions
of higher 1locad, very much underestimates the
experimental response. For the test frame, the
value of rotation at a load of 14 kN was 0.256
radians whilst the non-linear rotation at a
similar load was 0.168 radians. The comparison
has shown that the experimentally observed out-of-
plane rotations reflect more than merely the
effect of load eccenticity. Other effects which
may have contributed to the non-linear response
are firstly, possible yielding of the material
which results in a vreduction of the elastic
properties of the c¢ross-section and secondly,

member non-linearity.

6.6 PREDICTION OF LONGITUDINAL STRESSES

'An analytical model presented in Chapter 3
was used to obtain theoretical in-plane and out-
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of-plane deformations. The model was also used
for the predictioh of longitudinal stresses around
the cross-section, As previously stated, the
longitudinal stresses are calculated from the
axial force, the major-axis and minor-axis bending
moments and the bimoment. The analytical model
determined these stress resultants at any point of
the structure and hence enabled a prediction to be
made of the longitudinal stresses.

In the experimental study each frame was
instrumented with two groups of strain gauges
which were used to study local buckling in the
regions of maximum major-axis bending moment.
Each group consisted of eleven strain gauges. The
gauges enabled an experimental comparison to be
made with the longitudinal stress distributions
calculated from the analytical model. The
comparisons are shown in Fig. 6.19 to Fig. 6.26.

In each test the theoretical longitudinal
stress distribution has been calculated for the
- loading increment at which yielding was first
noticed at one of the strain gauge locations. The
comparison for Frame 2 is shown in Fig. 6.19,
First observed yield occurred at a load of 0.67 of
the ultimate load. For Frame 3, the comparisons
are shown in Fig. 6.20 and Fig. 6.21. Yielding
occurred at an ultimate load factor of 0.79. The
measured distribution of the two flanges in the
right hand rafter location (Fig. 6.21) does not
compare favourably with the theoretical
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prediction. Considering the very good agreement
for all the other frémes, the result is
puzzling. However, the out-of-plane analysis has
already shown that the longitudinal rotation of
the rafter for Frame 3 (shown in Tables 6.8 and
6.9) displayed a similar behaviour. It appears
that whilst the frame generally gave good
agreement with theoretical predictions, the
rafters produced results which departed
significantly from expectations. The comparison
for Frame 4 is shown in Fig. 6.22 at an ultimate
load factor of 0.55. Frames 2, 3 and 4 were the
unbraced series and the results indicated small
variations between the theoretical prediction and
the experimentally measured stresses. The three
internally braced frames, Frame 5, 6 and 7, had
first yield factors of 0.74, 0.65 and 0.57
respectively. The comparisons for each of the
three frames are shown in Fig. 6.23 to Fig.
6.26, In each of the three frames, the agreement
between the theoretical ©prediction and the
experimentally measured stress distribution is

extremely good.

Except for the right hand rafter for Frame
3, the results generally showed that the
prediction of the stress vresultants was very
good. This is supported by the close agreement
between the experimental and longitudinal stress
distribution for all seven frames.
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SUMMARY

l.

The thin-walled analysis: - presented in
Chapter 3 has been used to predict the in-
plane and out-of-plane deformations for
each of the seven test frames. The
analysis has also been used for the
prediction of the stress resultants which
are essential for the <calculation of
stresses in thin-walled structures.

The in-plane response of each of the test
frames was compared with a theoretical
model. The effect of shear straining on
the in-plane response was investigated.

The out-of-plane response of each of the
test frames was compared with a theoretical
model. Cross-sectional distortion was
found to be important in the theoretical
model and the procedure for the calculation
of the distortion was shown. An attempt
was made to model the non-linear nature of
the out-of-plane response.

The longitudinal stresses were predicted
for various positions around the test
frames and compared with experimental

readings.
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DISPLACEMENT

Frame| S 4 EA RA | RA, A A A A
No. mm mm mm mm mm mm
1 ~10.7 -11.1 -5.1 -18.1 0.0 ~33.0
2 -10.7 -11.1 5.1 | -18.1 0.0 -33.0
3 51.0 83.3 | 87.7 -11.5 81,2 8.2
4 15.8 17.0 7.6 29.1 0.0 50.4
5 ~9.7 -10.4 -4.8 -17.1 0.0 ~31.6
6 47.6 76.4 79.6 -9.8 73.6 8.2
7 13.3 14.9 6.7 25.0 0.0 45.6
TABLE 6.1  IN-PLANE LOAD-DEFLECTION THEORETICAL RESULTS

Stanchion Mid-Point
Eave Joint

Rafter Mid-point
Apex Joint

H o nn

e Wn
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' ROTATION
Frame No. B 6, E Bx
rad. ~rad.
1 i 0.011§ o . =0,0068
2 | 0.0116 ~ =0.0068
3 -0.052 ~0.024
4 -0.017 0.010
5 0.0109 - -0.0055
6 -0.050 | 0.021
7 -0.015 | 0.0075
TABLE 6.2 IN-PLANE LOAD-ROTATION

THEQRETICAL RESULTS

Base Joint

o
1l

=
]

Eave Joint




A
oS
mm/kN mm/kN rad/kN
-0.760 -0.653 0,020
2 | -0.727 -0.627 0.067
3 2.747 4,447 4,789

0.400 0.418 0.039

-0.006

0.00067 | -0.,00031

0.00060 [ -0.00042

-0.00379 0.00337

-0.00044 0.00099

. PrE -

0.00044 | -0.00048

3.370 3.409 | -0.533 3.435 | -0.139 | -0.00287 | 0.00113
7 0.403 0.372 | -0.028 0.726 | -0.062 | 1.236 | -0.00039 | 0.00022

TABLE 6.3 EXPERIMENTAL IN-PLANE FLEXIBILITIES




DISPLACEMENT FLEXIBILITIES ROTATION FLEXIBILITIES
Frame SAY Ed, RAY RA, Aby AA, BO, EOQy
No. mm /XN mm /kN mm/ kN mm/kN mm/kN mm/kN rad/kN rad/kN
1 -0.714 -0.743 -0.339 =1.205 -0.000 | -2.201 0.00078 | -0.00045
2 -0.714 -0.743 -0.339 -1,205 ~~0.000 -2,201 0.00078 | -0,00045
3 2.687 4.386 4,614 ~0.616 4.273 0.429 -0.,00271 -0.0012?
4 0.434 0.467 - 0.210 0.800 0.000 '1.386 -0.00046 0.00027
5 -0.571 ~0.610 -0.280 -1.008 ~-0.,000 -1.861 0.00064 | -0,00032
6 2,070 3.320 3.461 -0.427 3.198 0.357 -0,00215 { -0.00092
7 0.344 0.384 0.174 0.647 0.000 1.180 -0.00038 0.00193
TABLE 6.4 THEORETICAL ELASTIC IN-PLANE FLEXIBILITIES

- 6¢¢ -



DISPLACEMENT FLEXIBILITIES ROTATION FLEXIBILITIES

Frame SAY _EAY RAY R4 , AAY Ad , BO . EQ 4
No. mm/kN mm/kN mm,/ kN mm /KN mm/kN mm/kN rad/kN rad/kN

1 ~0.446 -0.421 -0.182 -0.733 0.000 -1.291 0.00051 -Q.00027

2 -0.446 -0.421 -0.182 ~0,733 0.000 —l.2§l 0.00051 | ~0.00027

3 1.699 2.681 2.828 ;0.443 2.599 0.240 -0.00176 | -0.00075

4 0.267 0.262 ¢.113 0.464 0,000 0.814 -0.00029 0.00016

5 -0.446 -0.421 -0.182 -0.733 - 0.000 -1.291 0.00051 | -0.00028

6 1.699 2.681 2,828 -0.443 2.599 0.240 -0.00176 | -0.00075

7 0.267 0.262 0.113 0.464 0.000 -0.814 -0.00029 0.00016

TABLE 6.5 THEORETICAL ELASTIC PRISMATIC MEMBER INEPLANEgggEXIBILITIES

- 9¢¢g -
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ROTATIONS
Frame 50 , Eey EOQ, R@y Aey
No. rad. rad, rad. rad. rad
1 -0.177 | -0.005 | 0.002 0.061 0.033
2 -0.177 -0.005 0f002 0.061 0.033
3 0.037 0.006 0.018 0.105 0.003
4 0.023 0.007 | -0.004 | -0.107 | -0.055
5 -0.001 0.000 0.001 0.002 | -0.002
6 0.005 0.000 | -0.001 | 0.002 0.000
7 -0.001 0.000 | -0.001 | -0.004 | 0.003

TABLE 6.6

QUT-OF-PLANE LOAD-ROTATION THEORETICAL RESULTS
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ROTATIONS

Frame . S50, RO v
No. rad. - rad.
1 - 0.051
2 - 0.051

3 0.053 0.032

4 ~0.051 | -0.096

5 _ - 0.059

6 0.061 0.039

7 -0.062 -0.099

TABLE 6,7 OUT-OF-PLANE DISTORTIONAL ROTATION
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ROTATIONAL FLEXIBILITIES

Frame SO , EO‘y | EO , ROY Aey
No. rad/kN| rad/kN rad/kN rad/kN rad/kN
1 0.00093|-0,00027}| 0.00100} 0.00973} 0.00340
2 0.00080]{-0.00027| 0.00093| 0.00853| 0.00340
3 0.00279| 0.00047| 0.00232| 0.00484 0.00074
4 -0.00149 ~0,00003}-0,00061}{-0,00556-0.00173
5 0.00065|-0.00018| 0.00035| 0.00365 0.00047
6 0.00196| 0.00013 —Q.0004l 0.00187] 0.00057
7 -0.00168|~0,00005]-0.00011{~0.00186 [~0.00013

TABLE 6.8

EXPERIMENTAL OUT-QOF-PLANE FLEXIBILITIES
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ROTATIONAL FLEXIBILITIES
Frame | S o, E 0, E 0, R 0, Ao,
No. rad/kN rad/kN rad/kN rad/kN| rad/kN
1 ~0.00118 |-0,00033| 0.00013 | 0.00744| 0.00218
2 ~0.00118 |-0,00033 | 0.00013 | 0.00744 | 0.00218
3 0.00476| 0.00034| 0.00095| 0.00721| 0.00017
4 ~0.00076| 0.00020 {-0.00012 |-0,00558 |~0,00153
5 ~0.00003 |{-0.00000| 0.00003| 0.00358 |-0.00011
6 0.00285[-0.00001 |-0,00005| 0.00179| 0.00001
7 ~0.00162{ 0,00000[-0.00002 [-0.00266| 0.00008
TABLE 6.9 THEORETICAL ELASTIC OUT—QFEPLANE

FLEXIBILITIES
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Collapse ;s Load
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FiG.6.6 NON -DIMENSIONAL VARIATION OF LONGITUDINAL
STRESS-FINITE STRIP SOLUTION
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CHAPTER 7 ~ BUCKLING AND INELASTIC BEHAVIOUR

7.1

INTRCDUCTION

LOCAL BUCKLING

7.2.1 Post-Buckling Behaviour

7.2.2 Effective Width

7.2.3 Edge Stiffeners

7.2.4 Buckling of Sections

FLEXURAL BUCKLING

LOCAL AND OVERALL BUCKLING INTERACTION
INELASTIC BEHAVIOUR

7.5.1 Effect of Yielding

7.5.2 A General Inelastic Cross-Section

Analysis

7.5.3 Example of General Inelastic
Cross-Section Analysis
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INELASTIé BUCKLING OF MEMBERS

7.6.1 A General Analysis

7.6.2 Inelastic Buckling Analysis Examﬁles
INELASTIC BUCKLING OF STRUCTURAL SYSTEMS
7.7.1 A General Analysis

7.7.2 Example of Buckling Analysis

SUMMARY
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7.1 INTRODUCTION

The tendency to buckle is a prominant
characteristic of thin metal structures. The need
to control buckling is one of the strongest
factors which dominate structural form. In heavy
steel construction, the chief forms of buckling
which are considered in design are column buckling
and lateral buckling. Column buckling governs
the allowable axial stress which depends upon the
slenderness ratio of the member, while 1lateral
bhckling of unbraced beams governs the allowable
bending stress, Local buckling of the wvarious
plate~-shaped components of which heavy structural
sections c¢onsist, rarely needs to be considered
because the plates are usually stocky. This means
that the plates have such small width to thickness
ratios that they will not buckle at stresses below
the yield point. There are exceptions to this
situation, such as thin webs of plate girders. 1In
‘contrast, in cold-formed construction, the
individual components of the section are
frequently so thin that they will buckle at
stresses below the yield point. It is necessary,
therefore, to design such members so that at
design loads, adequate safety exists against
failure by local buckling.

Ancther form of buckling which must be
considered in design is that which. occurs when the
cross—section is weak in torsion. This applies
usually to open sections such as angles and
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cruciforms in which the thickness of the plate is
small. 1In this situation, the section may undergo
purely .rotational ‘deformation about the
longitudinal axis which will remain essentially
straight. This type of deformation produces én
instability known as torsional buckling. More
commonly, where the section does not have two axes
of symmetry, the cross-section will undergo
translational and rotational movement. This is

known as flexural-torsional buckling.

The onset of buckling in a structure is not
necessarily the end of its load-carrying
capacity. Indeed, the structure will often
possess considerable post-~buckling strength which
may be wused economically. This 1is used to
advantage in light gauge steel design and makes it
necessary to use more complex methods of analysis.

This Chapter will firstly be concerned with
the problem of 1local buckling of thin-walled
structures. Previous work will be reviewed. The
development of 1local buckling theory will be
presented, together with the effects of such
concepts as effective width and lip
reinforcement. The interaction between local and
overall buckling will also be examined. Next, the
inelastic behaviour of cross-sections will be
presented. Finally, a buckling analysis will be
presented for the prediction of inelastic local
buckling.
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7.2 LOCAL BUCKLING

It is well established that a geometrically
perfect flat plate subjected to longitudinal
compressive force remains unbuckled until the
initial load is reached, at which stage it assumes
a stable deflected. equilibfium configuration
{Bryan [1890], Cox [1933] and Hu et. al [1946]).
The interchange between the two stable forms is
characteristic of plate structures and leads to
what is appropriately called a stable post-local-
buckling strength. In practice, the presence of
unavoidable imperfections will cause deflections
to grow from the first application of load, the
rate of growth becoming larger as the critical
load is approached (Coan [1951]). The 1load
deflection curves for both geometrically perfect
and imperfect plates are shown in Fig. 7.1,

The fundamental differential equation for
the deflection w of a plate subjected to forces in
its middle plane under ideal conditions, was first
derived by Saint Venant (1883) and is given by Eq.
{7.1).

% + 23%w + 3w

a*x  3%x3%y a3ty

Arar————

=, (0_.3%w + 21 .3% + o .d%w
_— XX Xy Yy )

D 3%x axdy 2y

ee ve oo (7.1)



- 362 -

where D = Et3
12 (1-v2)
and Ok is the normal stress in the x-
direction, Oyy is the normal stress in the y-

direction, TXY is the shear stress and t is the
thickness of the plate, If the loading is
uniaxial, thencﬁy and 1 - will be zero.

Xy

Bifurcation of the equilibrium position is
indicated by the lowest value of the
parameter O, called the critical stress or the
local buckling stress, Fcr . Bryan (1890)
presented the analysis for the rectangular plate,
simply supported on all four edges and subjected
to uniform compression on two edges. For this
particular case, F can be derived and is shown

cr
in Eg. (7.2).

Fop = k. 1 2.E ve e e (7.2)
12.(1 = v2).(b/t)2

where b/t is the thinness ratio of the plate and k
is the local buckling constant.

For design purposes and particularly for
establishing the load factors or the safety
factors, the local buckling stress is useful as it
indicates the 1loading values at which the
deflections are still moderate and the structural
elements still have a reserve of strength. Also,
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near this stress significant deformations are
initiated which eventually lead to the failure of
the member.

The buckling coefficient k is determined by -
EQ.(7.3) (Bleich [1952]).

k = (L/mb)2 + 2 + (mb/L)2 Cve e e (7.3)

where L and b are the length and breadth of the
plate and m 1is the number of halfwaves in the
longitudinal direction. For long narrow plates, k
can be assumed to be equal to a constant value of
4.0 when the unloaded edges are simply
supported. When the edges are fixed, k reaches a
value of 6.97. In the case of plate components
such as the web of a channel, the value of k will
be between the two values due to the presence of
mutual restraint at the longitudinal junctions of
the flange components.

An unstiffened plate element may be defined
as a plate which is simply supported along the
transverse edges and one longitudinal edge, with
the other longitudinal edge free. If this plate
‘is subjected to the same stress conditions as the
plate previously discussed, the differential
equation of equilibrium is the same as Eq.
(7.1). The solution for the elastic c¢ritical
stress can still be expressed in the general form
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of Egq. (7.2) in which the buckling coefficient is
now approximated by (Chwalla [19401])

X = 0.425 + (b/L)2 e e as (7.4)

For the long plate elements which are used in most
cold-formed members, the buckling coefficient is
close to the minimum value of 0,425,

The solution to the problem of a single
plate under compression and bending in its own
plane, has been obtained by Schuette and McCulloch
(1947). Johnson and Noel (1953) have published
charts for plates subjected to bending in their
own plane and suggested that their results be used
with the tables published by Kroll (1943) in order
to arrive at buckling loads. Walker (1966)
studied plates and channel sections subjected to
eccentric compression by means of an approximate
" solution using the Galerkin method.

In engineering design of thin-walled
sections, it is not uncommon for the resultant
load to be either applied eccentrically or
combined with an applied moment so that non-
uniform stresses are set up across the widths of
some or all of the individual plate components.
Rhodes and Harvey (1971 A) utilised the principle
of minimum potential energy to obtain the local
buckling stresses of plain channels under combined
compression and bending. '
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The determination of the critical load for
local buckling of thin-walled sections under
concentric compression has been studied by a
number of investigators including Kroll et. al.
{1943), Hu and McCulloch (1947), Bleich (1952),
Chilver (1953), Van der Maas (1954), Becker
(1957), Divakaran (1966) and Bulson (1967). All
the procedures disregard the out-of-plane
deformation due to initial imperfection and the
consequent partial plastification of elements
which occurs prior to the theoretical 1local
buckling. The case of eccentric compression has
been studied by Venkataramaish and Roorda {1978).

Hence, the analysis of a thin-walled column
such as a channel section as a complete unit is
very complex. Therefore, one of the important
simplifications 1is to consider a thin-walled
member as a composite of individual ©plate
elements. This simplification is ideally suited
to the approximate methods of analysis which are
readily solved by computer.

7.2.1 Post-Buckling Behaviour

Post-buckling behaviour is important in
plate structures because of the additional lcad~
carrying capacity which is available after initial
buckling takes place. The analysis previously
mentioned has been concerned with the elastic
buckling and implies that the elastic critical
l1oad will be smaller than the squash load as shown
in Fig. 7.2. The squash load is defined as the
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product of the area of the cross—-section and the
material yield stress. Provided that the elastic
critical load is 1less than the squash load, a
plate can support loads in excess of the critical
load (Walker [1975]) as is shown in Fig. 7.2. The
thinner the plate for a given width the greater
will be the excess. A simple model to explain the
phenomenon has been devised by Winter (1947) and
consists of the deflected plate being composed of
a grid of longitudinal and transverse stiffeners
as shown in Fig. 7.3 (a).

The analysis of a post-buckled plate is a
cdmplicated process. Von Karman (1910) was
responsible for the formulation of the post-
buckling differential equation given in
Eq.(7.5). The equation is derived by considering
the equilibrium of an element of the plate in the
directions perpendicular to the plate. The
normal and shear forces of the plate depend not
only on the external forces applied in the plane
of the plate but'also on the strain of the middle
plane of the' plate due to bending. These
considerations result in two force equilibrium
equations and a third equation resulting from the
strain components in the middle surface of the
plate during bending. The solution o©f these
three equations 1is greatly simplified by the
introduction of a stress function, F (Timoshenko
and Goodier ([1970]).
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'F + 23"F + o'F

ox* ax2ay? oy

3%\ % 3w . 3%w ..

X3y ax?  ay?

I
=

ee «. (7.5)

Walker (1969) has developed an approximate
expression which describes the variation of the
deflection at the centre of a plate forming a
cold-formed member, with an applied load greater
than the critical load.

After the attainment of the critical load,
the stresses in the plate redistribute as the
plate buckles. The maximum direct stress occurs
midway along the unloaded edge. Again, because of
the mathematical complexity of the problem, no
exact expression has been derived relating the
applied load to the maximum edge stress. However,
an approximate solution has been derived by Dawson
and Walker (1972B). Graves-Smith (1969) has
demonstrated that the occurrence of the maximum
load closely coincided with the load at which the
maximum edge stress reached the yield stress,

7.2.2 Effective Width

A plate axially loaded as shown in Fig.
7.3.{(a), develops distinct wave-like distortions
after the critical stress has been exceeded and
the most highly stressed portions of the plate are
those regions closest to the unloaded supported
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edges, One way to account for the non-uniform
stress distribution is to assume that the maximum
edge stress acts over a certain portion of the
plate width. The portion over which this stress
acts is called the "effective width", bar of the
plate and is shown in Fig. 7.3 (b}. The total
compression force in the element is equal to the
area under the stress distribution curve times the
thickness of the element, The same total force is
obtained if the actual element is replaced by one
and with uniform
max® In this

manner, the central portion of the compression

0of reduced effective width, bgr

stress distribution of magnitude £

element is thought of as removed and the element
of actual width, b, 1is replaced by one of
effective width, be'

The concept of effective width was first
proposed by von Karman (1932). He suggested that
the effective width could be calculated with the

use of Eg.(7.6).

b =b F e ® s® _ae (7-6)

The effective width concept was introduced for
design purposes by a number of researchers
including Marguerre (1937), Hu et. al. (1946),
Winter (1947), Argyris and Dunne (1952), Jombock
and Clark (196l1) and Abeld-Sayed (1969). The most
well known approach has been the empirical
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adjustment to von Karman's formula developed by
Winter in 1947, Using the results of some 150
tests, he derived the formula given by Eg. (7.7)

be = 1.9 E - (1_0.475 E ) . L] L] - (7.7)
t max b/t Y, fmax

It has been found that failure 1loads and

h

deflections at service loads of thin-walled beams
are safely and conservatively predicted on the
basis of Eq. (7.7). The eguation has "been
modified by Winter (1968) to eliminate some of the
conservatism and the expression shown as Eg. (7.8)
has been adopted by the AlSl Cold-Formed Steel
Design Specification (1968) and the SAA Cold-
Formed Steel Structures Code (1974).

be = 1-9/ E . (l_0¢415 ’ E ) . e . » (7.8)
t fmax b/t fmax

Using the effective width concept, the post-

local-buckling behaviour has been investigated by
Wang and Tien (1973, 1977) and others. Recently,
Horne and Narayanan (1976) used large deflection
theory to obtain the effective width formula for
an initially imperfect plate with its longitudinal
edges held straight. This was further extended by
Tien and Wang (1978) for the case of the
.longitudinal edges free to wave.
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7.2.3 Edge Stiffeners

One. way to enhance the 1local buckling
strength of thin~walled members is to add
longitudinal stiffeners to the flat plate
components. The purpose of the lip is to hold the
edge of the element straight when the element has
buckled locally, thus imposing a condition similar
toc that of a simple support. To achieve this
purpose, the 1lip itself must be of sufficient
depth (Kenedi and Harvey [1950]) to avoid the
formation of out-of-plane waves. The buckling
strength of a section will increase as the lip
depth increases. However, the buckling strength
of the section will only continue to rise until
the width to thickness ratio of the lip reaches a
value of approximately ten. At this ratio the
buckling strength will decrease as  the 1lip
stiffener will itself buckle.

Two related but fundamentally different
buckling modes characterise the behaviour of edge
‘stiffened elements., Cne is the stiffener buckling
mode, where instability is initiated by buckling
of the stiffener in a direction perpendicular to
the plane of the ©plate. For this mode,
instability of the stiffener will induce
simultaneous local buckling of the plate. The
critical buckling equation for the stiffener
buckling mode has been given by Chilver (1953B).
The second mode is the local plate buckling mode,
where instability is initiated by local buckling
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of the flat plate elements. The critical buckling
equation for this mode is given by Van der Maas
(1954).

The effect of edge stiffeners has received
many experimental investigations. Extensive
research has been carried out recently by Winter
(1968), Desmond {(1977) and Desmond et. al.
(1978} . Their work has shown that the ultimate
strength of a plate element with an adequate edge
stiffener 1is equal to that of an element of
similar dimensions and material properties but
supported by a web at the stiffener location.
Hasegawa and Maeno (1979) have also investigated
edge stiffeners and edge stiffened elements.

7.2.4 Buckling of Sections

The local instability of thin-walled
sections consisting of assemblies of flat plates
occurs when the individual plate elements buckle
simultaneously with a common wavelength. For
channel and I-sections, the elastic initial
buckling stress is influenced considerably by the
width and thickness of the flanges and the ratio
of the flange width to web width. The performance
may be improved with. the addition of edge

stiffeners.

In considering the buckling of sections, the
critical lcad is the important guantity to know.
For a section, the c¢ritical load is a function of

the geometry of the complete section and it may be
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derived from a knowledge of the critical loads of
the cocmponent plates having rotational restraint
along the edges and matching the restraints at the
mutual corners (Rhodes and Harvey {1971B]).
Alternatively, a more mathematically complex
method may be used in which the critical load for
the whole section 1is calculated in a similar
manner to that for a single plate. The
mathematical solution has been researched by
Harvey (1951), Chilver (1953B) and Walker (1966).

Provided the value for the coefficient k is
known, the buckling load for any structural
section may be found by using Eg. (7.9).

Pop = k.72 .E.A ce ve oe {7.9)
12 (1-1%) (b,/t)?

where b, is the width of one of the component

plates. The buckling coefficient for a channel
section is shown in Fig. 7.4 (Walker [1975]). A
variation in the buckling coefficient occurs
because of the different cross-section
geometries, The ratio of the flange width to web
width also influences the value of kX for a
particular cross-—~sectional shape. Bulson (1970)
has collated the critical loads and wave lengths

for a wide variety of structural shapes.
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7.3 FLEXURAL BUCKLING

Flexural buckling or Euler buckling 1is
common to cold-formed and hot-rolled sections
alike, Because of the large variety of section
shapes which c¢an be manufactured by rolling or
pressing, it is necessary to treat a more general
form of buckling than that of doubly-symmefric
pin—ehded struts. It is necessary to consider the
situation where no axis of symmetry exists and the
section twists as well as buckles sideways. This
torsional-flexural behaviour is less prevalent in
hot-rolled sections  because of the  higher
torsional rigidity and also because they usually
have at least one axis of symmetry. A very full
presentation of the theory of torsional-flexural
buckling has bheen presented by Timoshenko and Gere
(1961), Chajes et. at. (1966), Galambos (1968),
the Column Research Council (1976) and Trahair
(1977).

The stress at which flexural buckling
occurs, depends on the tangent modulus (Shanley
[1947}) and the 1length and geometry of the
member. Most members in cold-formed construction
show a gradual yielding stress-—strain curve which
debends upon the steel and upon the effects of
"cold-work in the forming‘ process. When the
buckling stress is reached, the member fails about

is axis of least resistance.
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7.4 LOCAL AND OVERALL BUCKLING INTERACTION

_ A concentrically compressed section which is
subjected to neither flexural-torsional nor
torsional buckling and for which local plate
buckling occurs prior to material yielding, fails
in one of three patterns. Fifstly, for low column
slenderness ratios, local plate buckling ocCcurs
followed by the development of post-buckling
strengthening, with failure occurring when the
compressive strength of the component plates is
reached. Secondly, for the moderate slenderness
ratios, local plate buckling occurs followed by
the development of post-buckling strength, with
failure precipitated by overall flexural column
buckling. Thirdly, for large slenderness ratios,
failure occurs by overall buckling with no prior
local plate bucklihg.

The theoretical problem of determining the
behaviour of a strut which is experiencing local
“and overall deformations is very difficult,
Research has been 1limited in the area of the
interaction of plate buckling, including the post-
buckling behaviour, with overall column
buckling. Graves-Smith (1968) developed a large
deflection analysis which used the pattern of
local imperfections and non-linear behaviour of
the material properties. He obtained very good
compariscns with tests on aluminium tubes,
however, the rigorous and complex analysis was not
practical for the wide range of cold-formed steel
shapes. _Bijlaard and Fisher (1953), Scidenfaden
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(1954) and Kloppel and Schubert (1971) have
attempted theoretical analyses, although they have
made assumptions limiting their work to elastic
plate behaviocur or to plates with small
deflections only. Jombock and Clark {1961), Uribe
{1969) and Skaloud and Zornerva (1970} have
incorporated test results into their analyses.
The semi-emperical approaches are simpler‘ in
application and because they are based upon test
results, usually give good results. De Wolf et.
al (1974) have developed an analytical approach
which accounts for the combined effects of local
buckling, column buckling and non-uniform material
properties for compression members, The method
was based upon the tangent modulus concept and
utilised the effective width expression developed
by Winter. The model satisfactorily predictd the
ultimate strength of a series of column tests in
which both the 1local buckling loads and the

overall column buckling loads were varied.

" 7.5 INELASTIC BEHAVIOUR

The usual elastic design criterion regards
the initiation of yielding in the outer fibres as
defining failure. However, it is known that the
actual maximum moment of the cross-section exceeds
the initial yield moment and may only be attained
whén yielding spreads almost over the entire
cross—section. Hence, the carrying capacity of
continuous compact beams and frames exceeds that
calculated from the initial yield criterion. This
is because of firstly, the higher carrying
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capacity of the cross-section and secondly, the
inelastic moment redistribution.

Cold-formed sections do not generally fall
into the category of compact sections whilst most
hot-rolled sections do. This should cause a
reduction in a cold-formed member's inelastic
reserve strength. However, the neutral axis of
cold-formed sections is quite often located
eccentrically. Frequently, the neutral axis is so
located that initial vyielding takes place in
tension. In addition, the ratio of the web area
to the total area is generally larger for a cold-
formed member. Both of these factors tend to
increase the inelastic reserve strength of cold-
formed sections (Reck et. at. [1975]). |

The inelastic reserve strength of a beam
cross-section can be defined as the ratio of the
ultimate moment to the yield moment. The reserve
strength is a result of inelastic stress
redistribution across the depth of the section.
The redistribution is associated with web
plastification. In general, failure is initiated
by failure of the web or of the compression flange
or of interaction of the behaviour of these two
elements, To determine the ultimate moment as
influenced by the behaviocour of the compression
flange, it is necessary to know not only the
ultimate strength but also the capacity to undergo
axial plastic deformations prior to failure.
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Compression flanges which are thin possess
significant post-buckling strength but fail when
yielding is initiated. Therefore, members with
such compfession flanges have no inelastic reserve
capacity if yielding takes place in the
compression rather than the tension flange.
However, stocky compression flanges continue to
carry their compression load after yielding. In
this case, yielding will spread into the web,
resulting in inelastic reserve strength.
Inelastic reserve strength through partial web
yielding is obtained also when the neutral axis is
so located that yielding begins in the tension
flange.

Consequently, two important parameters
determine the extent of the inelastic stress
distribution,. They are firstly, the amount of
additional strain beyond initial vyielding which
can be sustained by the compression flange and
secondly, the cross-section geometry.

7.5.1 Effect of Yielding

As vyielding preogresses through the c¢ross—
section, the ability of the member to resist the
applied forces diminishes. This is because of a
reduction in the effective area of the cross-
section and a reduction in the material
‘properties, The material properties which are
affected by yielding are the elastic Young's and
shear moduli and the Poisson's ratio.
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When the longitudinal stress in a plate
loaded in one direction exceeds the proportional
limit, the tangent modulus, E., applies in the
longitudinal direction, This concept has been
supported by the results of a great ~number of
tests performed by Bleich (1924). However, in the
analysis of plates, the value of the modulus in
the transverse direction has been debated by many
researchers.

Ros and Eichinger {1532) pointed out that a
plastic material is isotropic and hence is yielded
in all directions. Therefore, the elastic modulus
in the transverse direction should be replaced
with the reduced modulus, E. The reduced modulus
is a function of the elastic and tangent moduli
and the second moment of area of the elastic and
inelastic regions of the cross-section.

In the study of inelastic buckling a
rational theory was developed by Ilyushin (1947)
and Stowell (1948). 1Ilyushin based his solution
on the concept that the concave side of the plate
was in a plastic state of deformation whereas the
other side of the plate behaved elastically. He
assumed the plate to be incompressible and took
Poisson's ratio to the 0.5. However, predictions
of Ilyushin's theory do not show satisfactory
agreement with test results. Stowell simplified
Ilyushin's theory by assuming the material to be
inelastic in the longitudinal direction with the
tangent modulus being used for the definition of

stiffness, and elastic in the unloaded transverse
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direction. The solution to the resulting
differential equation may be readily obtained.
Successful attempts to apply such solutions to the
buckling analysis of plates have been made
recently by Swartz and Rosebraugh (1974) who
compared them with experimental results. It was
found that good correlation was achieved when
isotropic plate behaviour based upon a tangent
modulus in both directions was assumed. These
results have led Popov and Medwadowski (1%79) to
conclude that the refinements introduced by
Stowell do not appear to be necessary.

The determination of the inelastic shear
modulus has resulted in as much conjective as for
the inelastic modulus used for the definition of
stiffness. Experimental studies carried out by
Morrison and Shepperd (1950}, Peters et. al.
(1950), Budiansky et. al. (1952) and Feigen (1954)
have shown that the shear modulus remains at or
near the elastic value. The experiments support
the proposal by Neal (195C) that the shear modulus
of a yielded beam remains constant. However,
Haaijer (1957) pointed out that these experimental
results do not correctly predict the behaviour of
mild steel under torsion in the strain hardening
range., He found from a series of experiments that
the shear modulus was much smaller than the
elastic wvalue. Lay (1965) derived a theoretical
value for the shear modulus Gy in theyielded and
strain hardened regions. The result is given in
Egq. (7.10).
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When applied to mild steel where E/E, 1is
approximately  equal to 33 then, ' GY/G is
approximately equal to 0.25, Nishimo et. al..
(1968) in their studies of inelastic torsional
buckling used the reduced shear modulus to obtain
good correlation with test results. Massey (1963)
also found that the torsional rigidity was reduced
for plastic sections.

In this thesis it 1is assumed that isotropic
plate behaviour is wvalid for inelastic buckling.
The ratio of elastic to tangent modulus, E/Et, is
taken as 33 and the shear moduli ratio, GY/G is
taken as 0.25. Poisson's ratio has been assumed

to be 0.3 in the elastic region and 0.5 for the

inelastic material.

7.5.2 A General Inelastic Cross-Section Analysis

A method of analysis for determining the
effect of yielding on thin-walled cross-sections
is presented. The basis for this method is the
general analysis of stresses in open sections
described in Chapter 3. The method of inelastic
analysis is similar to that described by
Santathadaporn and Chen (1972) and extended by
Hancock (1977) to include the stress resultant of
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bimoment. The method includes the effect of the
movement of the instantaneous shear centre within
any general inelastic cross—-section. The
instantaneous shear centre is defined as the shear
centre of the elastic core. All stress
resultants, including the bimoment which ig
derived from the normalised unit warping paﬁtern
based upon the original shear centre.position, are
related to the original reference axes, x' and y!
shown in Fig. 7.5.

There are four stress resultants which
produce longitudinal stresses. These are the
moments about the x and y axes (My r My), the axial
tension (Fz) and the bimoment (Bz). The
corresponding generalised strains are the
curvatures about the x and y axes (bx, py Y, the
axial strain (Ez) and the negative rate of change
- of twist ( -¢"z ) respectively. For an elastic
cross-section they can be related to the stress
resultants using Eg. (7.11).

F, = EA. €,

Mx ™= EIX. Py

MY = EIy. Py

B, = EI . (- ¢",) e oo se (7.11)
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Eq (7.11) can be expressed as a diagonal rigidity
matrix and can be represented in matrix notation
by Eg. (7.12)

W, .} = [kl . f{= , } ce ve oo (7.12)

X,:¥Y

At the onset of yield, the instantaneous
" shear centre and centroid occupy new positions 8,
C as shown in Fig. 7.5, depending upon the
configuration of the new elastic core. Hence, it
is necessary to define a new set of principal
axes £ ,n which are associated with the new cross-
section (Fig. 7.5). When yielding takes place,
incremental changes in actions about the principal
axes of the elastic core can still be applied
using an incremental rigidity matrix. The
incremental rigidity matrix 1is vrepresented in .
matrix notation by Eq (7.13).

AW, 1= [k*] . {de, ) e ee ee (7.13)

grn grm

The (*) signifies that the properties are based
upon the elastic c¢ore for an elastic-plastic
cross—-section. Similarly, the force and
displacement transformations for incremental
forces and displacements can be applied providing
that the c¢ross—-section parameters used in the
transformation are those of the elastic core. The
force and displacement transformations ., are
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expressed in matrix notation by Eg. (7.14) and
Eg.{7.15) respectively.

o]
o1
=
fa——
]

[G*] . {aw 1 ee o oe (7.14)

Em

(6*1T . {4

——y
jo 7
M
oy
-
—
It

Ex,yl  ++ +e o (7.15)

Again eliminating {dWErn} and {dEE 'n} produces
Eq.(7.16).

{aw

= ' T
x,y3 = [G*] . [k*1 . [G*]" . {dsx’Y}

se es s {(7.16)

The matrix triple product allows the calculation
of the c¢hanges in the generalised strains
resulting from changes in the stress resultants
applied to a partially yielded cross-section. The
rigidity matrix [k*] and the transforma-
tion matrices [G*] and [G*]T are given in Appendix
VII, '

When yielding has occurred,the approach is
to insert a node at the yield boundary. The
partially yielded panel is therefore broken into
two panels, one of which is yielded along its full
length, whilst the other remains elastic as shown
in Fig. 7.6. Since the yield boundary moves as
loading increases, the additional node moves
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during the analysis and is termed a floating
node. The pattern of yielding and hence the
floating node positions can be calculated once the
strain pattern in the cross~section is known. The
strain is calculated by summing the strain
resulting from flexure, axial load and bimoment
with a residual strain pattern if residual strains

are present,

As a result of vyielding, the stress
resultants change and differ from the original
set. The differences are calculated and the
adjustments to the generalised strains are
determined. The adjustments are added to the
original strain set and the process repeated until
a required degree of accuracy 1is obtained. The
process is a tangent or Newton-Raphson correction
procedure. The tangents result from the use of
the section properties based on the transformed

section.

A computer program named CAFOP has been
written to carry out the analysis. The program
calculates the centroidal position of the cross-
section and locates the origin axes at this
location. Hence, the stress resultants acting on
the cross-section are defined relative to an axis
system which is located on the centroid of the
cross-—section. The maximum strain in the cross-—
section is set to the yield strain and the stress
resultants are incremented until failure or non-

convergence takes place.
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7.5.3 Example of General Inelastic Cross—

Section Analysis

In‘order to e&aluate the general inelastic
cross-section analysis, a simple problenm involving
an unequal channel was solved. The dimensions of
the channel are shown in PFig. 7.7 and the
properties of the section are given in Table

7.1. The channel was subjected to a major-axis
and minor-axis bending moment., an .axial
compression and a bimoment. The non-dimensional

ratios of the stress resultants are given in Table
7.2, The mild steel had a yield strength of 312
MPa and the bilinear stress-strain curve used in
the analysis had the properties described in
Section 7.5.1.

From the analysis the ultimate major-axis
. bending moment for the channel was 8.99 x 10°
Nmm. The major-axis and minor-axis curvatures and
the rate of change of twist have been plotted
against the major-axis moment in Fig. 7.8. First
yield occurred in the section at the outstand of
the bottom flange at a major-axis moment of 4.91 x
10 Nmm, It was at this value of bending moment
that the three curves in Fig. 7.8 became non-
linear. As the panels of the section yielded, the
effective area of the cross-section decreased,
resulting in the increased rates of curvature and
twist. The rate at which the panels yield is
shown in Fig. 7.9. The major-axis bending moment
at which the panels began to yield is shown as a
ratio of the first yield moment. Yielding began
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at the bottom flange extremity (point E in Fig.
7.92) and continued until the load factor reached a
value of 1.29, At this load, yielding began at
the bottom flange and web junction {(points C and
D). The third onset of yielding occurred at a
load factor of 1.80. At this 1level of load,
yielding occurred at the web and top flange
junction (points A and B). The section failed
when the load factor reached a value of 1.83.

The effect of the panel yielding upon the
properties of the cross-section is shown in Fig.
7.10, As the load factor increases to unity,
there is no yielding and the section propertieas
are obviously constant. As the 1load factor
increases further the effective section properties
are reduced. In the figure, the load factor is
plotted against the moments of inertia about the x
and y axes vrespectively and the slope of the
neutral axis. The slope of the neutral axis is a
function of the moments of inertia. The effect of
the yielding at the bottom flange and web junction
at a load factor of 1.29 is clearly shown in the
response of the slope of the neutral axis.

7.6 INELASTIC BUCKLING OF MEMBERS

A finite strip analysis is presented for
determining the initial buckling stresses of any
structural element consisting of a series of thin
- flat plates rigidly connected together at their
longitudinal edges. The buckling analysis is
applicable to sections in which the load to cause
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yielding lies well below the buckling load. This
is shown as the inelastic buckling range in Fig.
7.2, Hence, the analysis enables a deteriorated
critical load of a partially yielded section to be
evaluated. The finite strip inelastic buckling
method is not applicable to slender plate elements
in which post-local~-buckling occurs followed by
yielding at the edges of the plate. '

7.6.1 A General Analysis

The finite strip method of analysis was
presented by Cheung (1976) and has been discussed
in Chapter 6. Przemieniecki (1973) has shown how
the method can be used to predict the initial
local buckling stresses of plate assemblies under
biaxial compression. His analysis was applicable
to a wide range of structures and was based upon
the assumption that in a local buckling mode, all
line Jjunctions between component plates remain
perfectly straight. However, this is invalid for
" longer wavelength modes. Wittrick (1968A and
1968B) has solved the buckling differential
equations to determine the stiffness matrix.
However, Plank and Wittrick (1974) have used an
energy method to determine the stiffness matrix.
The former approach results in a continuous
eigenvalue problem whereas the latter results in a
linear eigenvalue problem. Hancock (1978) has
used the latter approach to study the local,
distortional and lateral buckiing of beams. As
part of the present thesis the method has been
extended to allow an inelastic analysis to be
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performed, with the inelastic material properties
replacing the elastic properties in the yielded
regions of the section.

Each component plate element is treated as a
single element and it is assumed that all three
components of displacement vary sinusoidally along
any longitudinal 1line when buckling occurs.‘ In
this way- the partial differential equations
governing the in-plane and out-of-plane
deformations of the component plates are reduced
to ordinary differential equations which can then
be solved. The stiffness matrices are derived
relating the amplitude of the sinusoidally varying
forces and displacements on the longitudinal edges
of the plate. Each edge has therefore four
‘degrees of freedom, consisting of a rotatiqn and
three translations. Two assdmptions are required
in the derivation of the stiffness matrix for the
method. The first is that the plate behaves
according to plate theory. The second assumption
' concerns the displacement fields used in the
analysis of a strip. The plate theory and the
displacement fields used are the same as those
presented by Cheung. The plate theory used by
Cheung 1is the orthotropic theory derived by
Timoshenko and Woinowsky-Krieger {1959}).

The method for the calculation of the
stability matrix from the potential energy
resulting from the longitudinal in-plane forces
also has been presented by Cheung. The stability
matrix for flexural displacements was first



- 389 - !

presented by Przemieniecki (1973)‘ and the
stability matrix for membrane displacements was
first developed by Plank and Wittrick (1974).

The buckling analysis can be represented in
matrix format as a linear eigenvalue problem by
Eq. (7.17). -

[K] . {6} =216l . {8} = {0}es vu ou (7.17)

where [K] and [G] are the stiffness and stability
matrices, A is a load factor and {8} is the vector
of nodal line displacements. The values of A for
which the determinant of the coefficients of {s}
in Eq. (7.17) vanishes are the eigenvalues. The
corresponding values of {8} are the eigenvectors.

The eigenvalue problem is ,solved by using
the direct methods set out by Bishop et. al
{1965). These methods involve the reduction of
Egq. (7.17) to the standard eigenvalue problem set
out in Egq. (7.18).

(A] . {8*} - x* [1] . {8*} = {0}ee os o+ (7.18)

85 I () B 4 9 R

where [A]

K] = (L] . (017
{6*} = [L]IT . {&}

A* = 1/)
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Householder's tridiagonalisation (Wilkinson
{1960]) and Sturm's sequence property (Bishop et.
al. [1965]) are wused to extract the lowest
“eigenvalue from the matrix [Al. A method is used
for the calculation of the corresponding
eigenvector of the tridiagonal matrix derived from
[A] (Wilkinson [1958}). The mathematical analysis
for the method is set cut in Hancock (1977B).

7.6.2 1Inelastic Buckling Analysis Examples

_ A computer program named BFINST has been
used to study the buckling behaviour of thin-
walled members. A stress distribution
corresponding to the action of one or to a
combination of stress resultants can be applied to
the cross—-section and the load factor determined
for a particular buckle half wavelength.
Alternatively, the program can be used to
determine the inelastic buckling load for a cross-
section in which the stiffness of the yielded
portions has been deteriorated. For the examples
presented in this Section the material will be
given an infinite value of yield stress and hence
the inelastic capabilities of the program will not
be tested. An analysis which invclves the stress
distribution reaching the inelastic region with
subsequent panel yielding will be investigated in
the following Section 7.7.

The program has. been used to study the
buckling behaviour of simply supported channel
members. The channel analysed was the Armco 1572
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section shown in Fig. 4.1. Each channel was
divided into a series of ten- longitudinal
strips. The web consisted of four strips, the
flanges consisted of two strips each and each lip
constituted another strip. A total of six
different stress conditions were investigated.
Five of the stress conditions consisted of a
concentric axial force, a major-axis bending
moment, a minor-axis bending moment about both the
strong and weak axis and a bimoment. The -sixth
stress condition, referred to as Load Case 1, was
identical to the problem considered in the
analysis of shear straining investigated in
Chapter 6. The loading pattern consisted of equal
and opposite forces applied to the web, 80 mm
apart and symmetrically placed about the web
centreline,

The buckle half wavelength and the
corresponding- buckling stress of each beam were
investigated. 1In general, a beam of given length
may buckle in a number of half waves. In this
analysis, the buckling stress of the beam has been
calculated using only one term of the Fourier
series. The number of the particular Fourier
terms used 1is equal to the number of half
wavelengths of buckle over the 1length of the
beam. The buckling stress versus buckle half
wavelength for the channel section under axial
compression has been plotted in Fig. 7.11. The
buckling stress has been calculated for a large
number of buckle half wavelengths. The buckling
modes for the channel have been shown in Fig.
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7.12. The modes are shown. for buckle half
wavelengths of 120 mm, 600 mm and 5000 mm, The
three locations corresponded to the minimum values
of buckling stress of the two troughs shcwn in
Fig. 7.11 and a position on the elastic lateral
buckling curve shown in the right hand side of the
diagram. The first 'buckling mode shown in Fig.
7.12 corresponded to a local buckle of the web of
the channel. The second location demonstrated the
significant distortion that took place. The third
position <corresponded to a flexural-torsional
buckle with no distortion of the cross~section.
Hence, the complete curve shown in Fig. '7.11
demonstrated a continuous transformation from
local through distorticnal to lateral buckling.
Distortional buckling occurred at intermediate
wavelengths when the beam was not long enough for
cross~sections to displace as rigid bodies but
where the line junctions between plate elements do
~not remain straight as 'in local buckling.

The curve shown in Fig. 7.l11 is for a single
buckle half wavelength. Similar curves may be
calculated assuming that the beam bhuckles in two,
three or more half wavelengths. The family of
curves can simply be determined by moving the
complete curve to the right. The new positions of
the curves must produce identical values of
buckling stress at beam lengths twice, three,
etc., times larger than the original beam. The
transformation is possible since the buckle length
in the stiffness and stability matrices always
occurs divided by the number of half
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wavelengths. The envelope of the lowest points on
the family of curves defines the minimum buckling
stress versus beam length.

The buckling curve for the channel subjected
to a major-axis bending moment is shown in Fig.
7.13. The buckling  modes for the channel are
shown in Fig. 7.14. At a buckle half wavelength
of 75 mm the buckling mode corresponded to a local
buckle. The section buckled as a result of a
compression flange'and web interaction. As in the
previous analysis, a distortional buckle developed
at the intermediate range of half wavelength.
Finally, a lateral-torsional buckling mode
developed for the longer wavelengths.

The next stress distribution investigated
was caused by a minor-axis bending moment in which
the web of the channel was in compression. This
was the stronger of the two types of minor-axis
bending. Fig. 7.15 and PFig. 7.16 show the
buckling curve and the buckling modes for the
stress distribution respectively. The buckling
modes differ from the previous two examples in
that there is no minimum on the curve at a
distorional mode of buckling. However, a local
buckling mode involving the web of the channel and
a lateral-torsional mode were still the
characteristic failure modes. For a channel
subjected to a minor-axis bending moment in which
the flanges were in compression, the buckling
curve and buckling modes are shown in Fig. 7.17
and Fig. 7.18 respectively. This loading
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condition produced the more severe bending stress
distribution. This was evident in the buckling
curve in which the buckling stresses were lower
for the equivalent buckle half wavelengths than in
the previous example, The local buckling mode
showed the lip and compression flange interaction
failure occurring at low half wavelengths.

The fifth example consisted of a stress
distribution resulting from the application of a
bimoment. The budkling curve 1is shown in Fig,
7.19 and the buckling modes are shown in Fig.
7.20. The buckling curve displayed a
characteristic very different from that of the
other examples. Instead of the lateral-torsional
buckling stress decreasing with an increase in the
half wavelength, the stress increased
appreciably. At low half wavelengths, the local
buckle consisted of a web buckle whilst at medium
wavelengths the distortional mode became evident.

The final example considered was Load Case 1
referred to earlier in Section 6.4.2. The
arrangement of the loads resulted in the channel
being subjected to a major-axis bending moment and
a bimoment. The buckling curve for the resulting
stress distribution is shown in Fig. 7.21. The
curve is similar to that resulting from a major-
axis bending moment alone. Again, the buckling
modes passed from a local buckle to a distortional
buckle and finally to a lateral-torsional
buckle, The buckling modes for the channel are
shown in Fig. 7.22.
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7.7 INELASTIC BUCKLING OF STRUCTURAL SYSTEMS

The inelastic buckling behaviour of
structural systems 1is a cbmplex problem. Most
approaches rely upon the analysis of the overall
behaviour of the structure. However, these types
of analyses have limitations because of their
complexity. For structural systems which are
composed of cold-formed members in which
sufficient lateral bracing is provided to prevent
an overall member failure, the most 1likely
mechanism of c¢ollapse will result £from local
buckling. In this Section, a method for
estimating a lower bound to the collapse strength
of thin-walled structural systems will be
presented. The method performs discrete inelastic
buckling analyses at locations around the
structural system. The locations are the critical
regions in the system where local buckling is
;ikely to occur. However, any location along any

member may be examined.

7.7.1 A General Analysis

The matrix displacement analysis presented
in Chapter 3 is used to perform an elastic
analysis of . the particular thin-walled
structure, This analysis enables the
determination of the four stress resultants
essential for the calculation of the longitudinal
stress distribution. These are the moments about
the major and minor axis, the axial fcrce and the
bimoment. The accuracy with which the thin-walled
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analysis was able to predict the longitudinal
stress distribution was studied in Section 6.6. A
comparison between the experimentally measured
stress distributions and the theoretical values
indicated the accuracy of the analysis. Hence,
for any general structure, the four longitudinal
stress resultants could be found for any
location, The ratios of the stress resultants
with respect to the major-axis bending moment
provided the data for an inelastic cross-section
analysis which was reported earlier in this
Chapter. Such an analysis enabled firstly, the
determination of the moment-curvature relationship
of the member at the particular cross~section
location and secondly, the amount of yielding that
had taken place for a particular load. The width
of the yielded regions in the panels of the cross-
section was essential for the use of the finite
strip buckling analysis presented earlier in
Section 7.6.

A load factor having the value of 1.0 when
first yielding of the cross-section occurred, was
used to qguantify the strength reserve of the
cross-section. Hence, a buckling analysis was
performed for a load factor equal to unity.
Subsequent analyses were performed for increasing
values of load factor with the increase in panel
yielding being taken into account. A family of
local buckling curves were produced as shown in
Fig. 7.23. The approach involved obtaining the
load factor of a particular buckling curve whose
minimum eigenvalue was equal to the load factor
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and ensuring that the buckle half wavelength
corresponding to the minimum value of eigénvalue
lay within the 1local buckling region. For
example, referring to Fig. 7.23, the curves A, B
and C were calculated using vyielded regions
determined at load factors of 1.0, 1.25 and 1.5
respectively. The minimum value of eigenvalue for
each curve is 1.46, 0.90 and 0.42 respectively.
Hence a curve D 1is required whose load factor
{1.13) is equal to the minimum eigenvalue
(1.13). The load factor for curve D may be found
from extrapolating the results of the three
previous curves and the procedure will be
presented in the following example. Once the load
factor was obtained the magnitude of the stress
resultants which caused local instability could
also be calculated. Hence, knowing the ultimate
stress resultants, the failure load of the cross-
- secton was obtained. However, the accuracy of the
method would be enhanced if the actual stress
resultants at the ultimate load were known. Once
yielding has taken place, a redistribution of the
stress resultants occurs around the structure.
For simplicity the ratios of the stress resultants
are assumed constant until failure, For light-
gauge structures, the load factor to cause
collapse is usually not more than 1.4 and hence
the accuracy of the method relies upon the premise
that little redistribution has occurred.
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7.7.2 Example of Buckling Analysis

The constant moment beam tests described in
Chapter 4 involved the testing of thin-walled
lipped channel beams with a span of approximately
1.9 m. The particular beam that will be used to
demonstrate the ability of the method is the Armco
1572 specimen, The c¢hannel profile for this
section was identical to the channel used for the
frame members in the experimental study. The beam
was restrained to prevent the application of
minor-axis bending moment. An elastic analysis
was used to determine the major-axis bending
moment, axial force and bimoment. 4 small axial
force and bimoment were present as a consedquence
of the testing apparatus. The value of each of
the 1longitudinal stress resultants was verified
from the strain readings recorded during the
testing of the beam. The ratios of the stress
resultants are shown in Table 7.3.

An inelastic cross-section analysis was
performed for the channel cross-section. The
theoretical major=-axis moment—curvature
relationship for the c¢ross-section is shown in
Fig. 7.24. The analysis showed that the channel
had very little reserve of strength from the first
yield bending moment to the moment for failure,
The small amount of reserve of strength was also
demonstrated in the constant moment beam tests.
The tests revealed that under almost pure major-
axis bending moment, failure occurred shortly
after the first strain gauges indicated yielding



- = 399 -

of the material. THis is clearly shown in the
test results plotted earlier in Fig. 4.15 and Fig.
4.16,

The yielded widths of the panels of the
cross—-section were also calculated from the
inelastic cross-section analysis and are shown in
- FPig. 7.25. Yielding initially occurred at the web
to flange connection (points B and C in Fig. 7.25)
in the compressive region. Yielding spread
rapidly along the compression flange because of
the dominance of the major-axis bending moment.
Almost the whole compression flange had yiélded
before yielding occurred in the tension flange.
The rapid spread of yielding throughout the
compression flange was another indication that the -
cross-section would have a small reserve of
strength after the onset of yield.

Inelastic buckling analyses were performed
for load factors of 1.0, 1.01, 1.02 and 1.03. The
resulting local buckling curves are shown in Fig.
7.26. The buckle half wavelength for the minimum
value of eigenvalue for each buckling curve is
approximately equal to the width of the plate.
When the minimum eigenvalue of each buckling curve
was plotted against the lcad factor, the critical
load factor was obtained when the eigenvalue was
equal to the load factor. From the analysis the
critical load factor was 1,015. The load factor
correSponded to a major-axis bending moment of
9.771 x 10%° Nmm. The experimental determination
of the buckling moment for the 1572 beam produced
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a value of 9.727 x 106 Nmm., Hence, the buckling
moment prediction was a 0.45 per ceni overestimate
of the experimental buckling moment. In a loading
case where the major-axis bending moment dominated
the stress resultants, the inelastic buckling
analysis accurately predicted the collapse
loads. The Ppeam analysed was subjected to a
uniform bending moment over the entire léngth.
However, the more general type of loading would be
that of a moment gradient.

An approximate local buckling load for the
channel may also be obtained. For a
simplification of the compression flange, it may
be assumed that the flange is built in at the
junction with the web and simply supported at the
lip stiffened edge. If it is also assumed that
the buckle half wavelength is of the order as the
width of the flange, as is shown in Fig. 7.26, the
Column Research Committee of Japan (1971) gives
the value of the buckling coefficient k as 5.65.
Using this coefficient to determine the critical
stress in the inelastic range of buckling (Bleich
[1952]), a critical moment of 9.164 x 10° nNmm was
produced. This wvalue of critical moment is six
per cent below the experimentally obtained value.



- 401 -

SUMMARY

7-8

A summary of local buckling behaviour and
theory was presented. The effects of edge
stiffeners and- the effective width concept
were mentioned. The interaction between
local and overall buckling was also

discussed.

A matrix method of analysis of inelastic
thin-walled open cross-sections of general
geometry has been presented. The analysis
included 1longitudinal stresses resulting
from restrained warping (bimoment). The
method also took account of the effect of
the moving instantaneous shear centre.

The analysis was applied to a thin-walled
unequal channel. The chanﬁél was subjected
to the four stress resultants producing
longitudinal stresses. The ultimate moment
was calculated and the effect of yielding
upon the section properties was

investigated.

A matrix method of analysis for determining
the buckling 1loads of thin-walled open
cross—-section members has been presented.
The buckling analysis assumed either an
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infinite material yield stress or a finite
value of yield stress with subseguent panel
yielding leading to a decreased effective
cross~section. The method utilised the
finite strip analysis. With the stress
distribution applied to the c¢ross-section,
the analysis sets up and solves an
eigenvalue problem to find the buckling
stress.

The method was applied to a lipped channel
section. The channel was subjected to
different stress distributions resulting
from the application of six different
loading cases. Panel yielding was not taken
into account. The buckling stress and
buckle mode were investigated for different
buckle half wavelengths of the beam.

A method for determining the lower bound for
the collapse strength of a structural system
assuming a local buckling failure mode was
described. The method utilised the elastic
displacement analysis as well as the
inelastic cross-section and finite strip

buckling analyses.
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7. A structural sirstem consisting of a simply
supported beam was analysed. The
theoretical collapse load compared well with
the measured collapse load.
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8.1 INTRODUCTION

Stability analysis and design of plane frames
has been a subiject of extensive investigation for
the past decade mainly as a result of the rapid
development of high speed computers and the matrix
methods of analysis. Investigations in this area
have been summarised by Yucel et, al. (1973).
From an extensive literature survey their opinion
indicates that the elastic and plastic behaviour
of braced and unbraced plane frames can be
predicted. '

As a result of the weakening effects of local
buckling, failure can take place at a lower load
than the frame would carry in the absence of local
buckling. Hence the analysis of the ultimate
behaviour of structural systems should contain an
interaction of local . buckling and overall
behaviour. The interaction is impoftant not only
for structures composed of thin~walled cold-formed
members but also for structures composed of hot
rolled and built-up sections where the material
used is of high yield strength.

In Section 7.6 a general buckling analysis
was presented for a structural element. The
analysis can be used to predict the collapse load
of single member structures. Recent work by
Kalyanaraman (1978), Kavanagh (1978) and Kavanagh
and Evans (1978) has also been concerned with the
failure of cold-formed steel members by localised
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buckling in the elastic and inelastic regions.
In predicting the post—-local-buckling behaviour of
continuous beams and frames, Wang (1974), Wang and
Yeh (1974) and Wang and Jsa (1974) have used an
effective width approach. Wang and Blandford
(1978) have considered the effects of 1local
buckling of the component members on the behaviour

- of the overall structural system.

In this chapter, a method for estimating a
lower bound to the collapse strength of the thin-
walled portal frames wused in the experimental
study and reported in Chapter 4 will be
presented. The collapse load for each of the
seven frames assuming a local buckling failure
mode will be compared with the experimentally

determined values.

8.2 INELASTIC BUCKLING OF STRUCTURAL SYSTEMS

‘ In Chapter 7 a method was presented which
allowed the collapse strength of a thin-walled
structural system to be determined. The method
was applicable to systems in which the collapse
mechanism was initiated. by local buckling which
occurred in either the elastic or inelastic
range of the material properties. Three analyses
were required for locating the failure region and
then finding the load factor for collapse.
Hence, for a complete analysis the computer
'programs FEETA, CAFOP and BFINST, which are given

in Appendix VIII, were used.
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Briefly, the method involved an elastic
analysis to determine the ratios of the stress
resultants at a particular critical region, such
as a region of maximum major-axis bending
moment. The ratios of stress resultants were
used to perform an inelastic cross-section
analysis which enabled the amount of ©panel
vielding at a particular load factor to be
calculated. A finite strip buckling analysis
assuming deteriorated properties in the yielded
regions was performed for various values cf 1load
factor until the minimum eigenvalue was equal to
the load factor. The load factor for this
eigenvalue was then assumed to be a lower bound to
the ultimate load of the structural system.

8.3 ULTIMATE LOAD OF TEST FRAMES

The experimental investigation of the seven
pitched-roof portal frames described earlier in
Chapter 5 included the determination of the

ultimate load of each frame, In order to predict
this load for each frame the analysis reguired an
estimate of where local instability may
develop. Intuitively, the failure zones would be

expected to occur in the regions of maximum major-
axis bending moment. High compressive axial
forces combined with the bending moment would
provide an even more favourable location for local
instability.
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If plastic theory was used for the
determination of the collapse mechanism, a total
of two plastic hinges would pe required for the
collapse of pinned-base portal frames.  However,
a cold-formed section does not have the rotation
capacity of a hot-rolled section and hence the
formation of plastic hinges is remote. The more
likely failure mechanism is a result of local
buckling of the section. Since local buckling
regions have a falling characteristic with respect
to load-carrying capacity. the assumptions used in
plastic theory are invalid. However, the
experimental investigation indicated that there
wére two failure regions as suggested by plastic
theory and that these regions coincided with the
areas of maximum major-axis hending moment.
Hence, for a portal frame braced in the manner of
the test frames, the determination of likely

instability zones was relatively simple.,

An elastic thin-walled analysis was performed
for each test frame. The most likely zones for
local instability for each frame are shown on
Table 8.1. The experimental investigation showed
that the initiation of one region of 1local
instability caused the second region to buckle
almost gsimultaneously because of the
redistribution of major-axis bending moment.
Hence, for this reason, two possible regions of
local instability for Frames 3, 4, 6 and 7 were
investigated as shown in Table 8.1. For all the
possible zones, the ratios . of the minor-axis

bending moment, the axial force and the bimoment
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were calculated with respect to the major-axis
bending moment. The values of the ratios of the
stress resultants are shown in Table 8.1 and the
inelastic cross-section analysis was performed for
each frame using these ratios,. At the onset of
yield the elastic and shear moduli were reduced
for the reasons set out in Section 7.5.1. The
generalised strains produced by the analysié of
Frame 1 are plotted against the major-axis bending
moment in Fig. 8.1. The major-axis curvature was
plotted separately against the major-axis bending
moment and is shown in Fig. 8.2. At a moment of
4.40 x 10% nymm, first yielding of the cross-
section occurred at the intersection of the
compression flange and the web. The calculated
onset of yield is indicated by the first point on
the moment-curvature relationship shown in Fig.
8.2. A further five points along the curve for
regions of increasing bending moment have been
examined. The yielded zones across the panels of
the cross-section for each of these six points are
shown in Fig. 8.3. Unlike the example given in
Section 7.7.2 for the simply supported beam with a
constant applied moment, the stanchion for Frame 1
began to yield at the tension flange and web
intersection at a relatively small increase in
bending moment, as indicated by position 2 in Fig.
8.2.

Of more importance for the inelastic buckling
analysis was the determination of the advancement
cf yielding across the panels of the cross-section
for an increasing load factor. The development
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of the yielded zone for the top of the stanchion
for Frame 1 has been plotted in Fig. 8.4. The
figure shows that yielding was initiated at the
junction of the web and top flange (positions B
and C in Fig. 8.4). For the particular ratios of
the stress resultants, yielding progressed along
the web at a faster rate Ehan along the top
‘flange. Yielding was initiated next at the
junction of the web and bottom flange (positions D
and E) when the load factor reached a value of
1.10. Yielding was next initiated at the
extremity of the top flange stiffener. Yielding
éommenced in this position when the load factor
was 1.13.

Local buckling curves were produced for each
location of local instability for the seven
frames, The curves were calculated for a range
of load factors and are dependent upon the amount
of panel yielding. For a particular load factor
~the amount of yielding for each panel had already
been ascertained from the previous analysis. The
local buckling curves for the top of the stanchion
for Frames 1 and 2 are shown in Fig. 8.5. The
curves for Frames 1 and 2 have been produced for
the lcoad factors of 1.0, 1.1 and 1.2. The curves
show that the buckle half wavelength for each load
factor was of the order of 75 mm to 100 mm. The
theoretical half wavelength of the buckle compares
with the half wavelength of the buckle produced
from the experimental investigation and discussed
in Chapter 5. For a 1load factor of 1.20, the

cross—-section had wundergone sufficient panel
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yielding to produce a buckling load factor less
than unity. Hence, to determine the value of the
factor at failure, the minimum eigenvalue for a
particular load factor has been plotted against
the lcad factor. The graph of eigenvalue against
load factor for Frames 1 and 2 is shown in Fig.
8.6. The collapse load factor is determined when
the wvalues of minimum eigenvalue and load factor
are equal and the technique of graphical
construction to solve the equation is shown in
Fig. 8.6. From these plots, the collapse 1load
factor for local 1instability of each frame was
détermined. For the case of Frames 1 and 2, the
load factor and minimum eigenvalue were equal when
the load factor was 1.17. A buckling analysis
was repeated at the calculated collapse load
factors in order to verify the minimum value of

eigenvalue.

Once the collapse load factor was obtained,
the c¢ritical major—-axis bending moment and hence
the collapse load was calculated. The critical
major~axis bending moment was simply the product
of the collapse load factor and the value of the
major-axis bending moment for the initiation of
yield. The critical bending moment was converted
into a collapse load with the use of the previous
elastic analyses. The minimum collapse load for

each frame is shown in Table 8.2,



~ 440 -

8.4 COMPARISON BETWELEN THEOQRETICAL AND
EXPERIMENTAL ULTIMATE LOADS

The experimental ultimate 1load, Pr, for each
test frame is given in Table 8.2, The ultimate
loads can be compared with the theoretical values
also shown in Table 8.2, The ratio of
experimental ultimate load to the theoretical
ultimate locad for each frame is also shown in this
Table. The ratios show that an approximation
which is reasonable for downwards loading but very
conservative for uplift loading has been obtained
for each frame. For the simulated dead and live
loading of Load Case 1, the braced and unbraced
frame predictions were remarkably accurate. The
reason for the accuracy can be explained by the
well predicted elastic behaviour of the frames.
The measurement of the major-axis bending moment
which was the largest component in the ultimate
stress distribution compared well with the
theoretical major—-axis moment £for Frames 2 and
5. Hence, an accurate prediction of the bending
moment alsc enabled an accurate model of the
stress distribution to be determined. The
accuracy for Frame 5 was further enhanced by the
restraining action of the internal bracing. The
internal ©bracing restricted the out-of-plane
movement and enabled the stress distribution to be
calculated more accurately than £for Frame 2.
This has been discussed in Section 6.6 The
theoretical predictions thus reflected the well

behaved nature of the frames.
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For the transverse wind loading case applied
to Frames 3 and 6, the theoretical collapse loads
were more conservative, The predictions for
Frames 3 and 6 were 10 and 20 per cent higher
respectively than the observed collapse load.
The theoretical collapse loads for Frames 4 and 7
were the most conséervative. The predictions
‘underestimated the collapse load of the structures
by approximately 45 per cent.  Both Frames 4 and
7 were subjected to the longitudinal wind loading
case in which suction was applied to each element
of the structure. The unusual nature of the load
case resulted in a tensile force being applied to
the stanchions of the £frame. The region of
maximum major-axis bending moment occurred in the
stanchions, however, the presence of the axial
force did not allow the formation of local
buckling in the peak bending moment regions.
Instead, the local instabilities were forced to
occur simultaneously in the peak region of bending

~moment in the rafter.

8.5 ULTIMATE FRAME LOAD DISCREPANCIES

As previously stated, the inelastic buckling
analysis produced an ultimate load for each frame
which was conservative. The most conservative
estimate for the collapse load occurred for Frames
4 and 7. These frames were subjected to suction
and it has been mentioned that although the peak
major—-axis bending moment occurred in the

stanchion, the frames did not initially buckle in
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these regions. For a stanchion subjected to an
axial compression and a bending moment, the
position of the neutral axis of the cross-section
is located closer to the extreme fibre stressed in
tension. As the load and the moment are
increased, the area of the .compressive stress
region increases more rapidly than that of the
tensile stress region, The effect of the
increase of the compressive stress region causes
local instability to occur at a lower value of
bending moment than would normally be the case for
a beam subjected to a bending moment alone.
However, considering a stanchion subjected to an
axial tension and a bending moment, the position
of the neutral axis lies closer to the extreme
fibre stressed in compression. The position of
the neutral axis results in the compressive stress
region being considerably smaller than the
previous example. As the axial tension and the
bending moment increase, the compressive stress
“region also increases, however, the tensile stress
region increases more rapidly. As the local
buckling failure of the cross~section is governed
by the compressive stress, the cross section can
take considerably more load, even though yielding
has taken place in the tensile stress reéion.
Hence, this effect explains the larger collapse
loads for Frames 4 and 7. However, the larger
discrepancies for the two frames are not fully
explained, even allowing for the more complex

method of failure.
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A possible explanation for the discrepancies
could be a result of inaccuracies in the modelling
of the behaviour of the cross-section in the
inelastic range. Inaccuracies may occur in the
theoretical analysis because of poor modelling of
firstly, the amount of yielding or secondly, the
values of the longitudinal stress resulting from
incorrect stress resultants., An incorrect choice
of stress resultants may be due to either moment
gradient or moment redistribution in the complete

frame following yieiding.

8.5.1 Modelling of Panel Yielding

In all fields associated with inelasticity an
accurate model is required for determining the
magnitude of the yield stress. The presence of
residual stresses in both cold-formed and hot-
rolled sections presents difficulties for
calculating this quantity. To overcome the
variation of yield stress around a cross—section,
" an average yield stress is used. For cold-formed
members the calculation of the average yield
stress has been discussed in Chapter 2. Hence,
recognising that a source of error is introduced
in selecting a material yield stress, the amount
of yielding may be calculated for a cross-section
which is subjected to a set of forces.

For each of the test frames, the width of
~yielded material in a panel of the cross-section
has been calculated for the inelastic region.  An
experimental distribution of yield has also been
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obtained for Frames 2 to 7. . This has been
achieved with the aid of electrical resistance
strain gauges located to study the strain
behaviour at the predicted regions of failure.
These strain gauges have been discussed in detaill
in Chapter 4. A comparison between the
experimental and theoretical panel yield widths
for Frames 2 to 7 is shown in Figs. 8.7 to 8.12
respectively.

The comparison for Framé 2 is shown on Fig.
8.7. Experimentally, yielding has initially
commenced in the compressive region (point C) and
has progressed rapidly with increasing load.
However, a more interesting feature is displayed
by the yielding curves for the tension region
(points D and E). For these curves yielding does
not progress with an increasing rate for a larger
load factor. Instead, the rate of change of
yielding with respect to load factor actually
decreases. Hence, for a given load factor, the
theoretical prediction of panel yielding
overestimates the experimentally measured amount
of yielding. This results in the prediction of a
~ smaller elastic core . for the theoretical
analysis. Hence, the collapse load for the
theoretical cross-section will be lower than that
achieved in the experimental study. For the case
of Frame 1, the relative stiffening of the tension
region was compensated by a greater amount of
yielding in the compression region and hence the
collapse load factor for the frame is similar to
that measured experimentally. Considering the
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errors introduced by the uncertainty of the yield
stress alone, the theoretical collapse load of
15,37 kN compares well with the experimental load
of 16.40 kN.

The comparison for Frames 3 and 5 shows that
the theoretical prediction of the extent of panel
yielding is well modelled. In both these céses
the steepening characteristic of the curves
displayed in Fig. 8.7 is less evident. Hence,
the theoretical predictions for the failure loads
as shown in Table 8.2 <closely model the
experimental behaviour. The steepening
characteristic is shown in the comparison for
Frame 6 in Fig. 8.1l1l. In this case the
compression region (points B and C) for the
theoretical analysis overestimates the amount of
panel yielding which leads to a more conservative

collapse load.

The predicted collapse loads for Frames 4 and
"7 are much lower than the experimental collapse
loads. From a comparison of the panel yield
widths in Figs. 8.9 and 8.12'the reason becomes
evident. The steepening characteristic displayed
to some extent in the previous frames has now
become very pronounced, - This results in the
theoretical elastic core of the yielded cross-
section being significantly smaller than that
measured in the frames. This is reflected in the
reduced collapse load predictions.
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Associated with the effects of panel yielding
are the loads at which first vielding was
observed, The theoretically calculated first
yield load‘and the collapse load factor based upon
this load have been compared in Table 8.3 to the
similar experimentally observed quantities for
each of the seven test frames. As a result of
the overestimation of panel yielding 1in £he
theoretical analysis, the theoretical collapse
load factors indicate a relatively low reserve of
strength after first yield. The increases range
from 17 per cent for Frames 1, 3 and 6, to 28 per
cent for Frame 5. In contrast, the experimental
reserve of strength was significantly higher.
The increases range from 30 per cent for Frame 3
to 77 per cent for Frame 4, The largest
increases are consistent with the frames which
displayed the largest amount of steepening in the
yielded panel width curves.

Determining the reasons for the decrease in
the rate of panel yielding is difficult.
Obviously, the variations in the yielding
characteristics of the panels around the cross-
section contribute to the unexpected behaviour.
The steepening of the curves is seen to commence
at approximately similar load factors for each
frame, This may indicate that strain hérdening
of the yielded panels is taking place. However,
the largest variations have occurred for cases in
which the cross-section is subjected to an axial
tension. Hence, for a coléd~formed section the
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axial tension must contribute to the decrease in
the rate of panel yielding.

8.5.2 Moment Gradient

A moment gradient condition is used to
describe beams subjected to a bending moment
diagram that varies along the length of the
beam., From elementary statics, the moment
gradient with respect to the beam length at any
point on the longitudinal axis of the beam is also
the shear force at that point. The local
buckling of beams under moment gradient has been
studied by Lay and Galambos (1967) and Tien and
Wang (1979). In a beam under moment gradient,
yielding will be concentrated within a restricted
region and the possibility of local buckling
within this region must be considered. In a beam
under uniform moment the critical condition for
local buckling is the progression of full yielding
across a flange normal to the beam length.
However, in the moment gradient case, yielding
across the flange will occur in a relatively
constant manner. Thus, in the moment gradient
case, it is the progression of yielding along the
beam length that is critical. The rotation
capacity of beams under moment gradient has also
been studied by Lukey and Adams (1969).

In the present study of local buckling, it is
important to model the distribution of

longitudinal stress around a cross-section and
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hence the fatios of stress resultants at the
critical section must be used. However, if the
member is subjected to a moment gradient, the
exact posifion of the critical buckling section is
difficult to ascertain. The difficulty in
locating the exact cross-section can produce
variations in the ratios of the stress
resultants. For the experimental frames, local
buckling took place in the regions where the
moment gradient was very high. Hence, the
theoretical ultimate loads which were ~calculated
were very much dependent upon obtaining accurate

stress resultant ratios.

§.5.3 Moment Redistribution

For continuous cold-formed structures,
additional reserve of strength can be develcped
through partial plastic moment redistribution,
similar to that wutilised in the conventional
plastic design of compact hot-rolled continuocus
structures, However, the full development of
plastic hinges, on which conventional plastic
design is based 1is generally not attainable in
cold-formed sections with their relatively thinner
flanges. Therefore, the amount of redistribution
which can be attained depends on the amount of
rotation or curvature which can develop in the
section beyond initial vyielding but prior to
compression £flange failure. Reck et. al. (1975)
have shown that even though plastic hinges cannot
be achieved with thin-walled members, there exists

significant and calculable inelastic moment-
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rotation capacity. This capacity enables
continuous structures to achieve significant
additional reserve strength through inelastic

moment redistribution.

The cépacity to achieve additional strength
through moment redistribution was another
contributing factor for the discrepancies in the
frame ultimate load predictions. The inelastic
buckling analysis presented relies upon the ratios
of the stress resultants obtained from an elastic
analysis. However, after the initiation of
yielding and the redistribution of bending moment,
the stress resultant ratios will significantly
alter. In order to study the amount of yielding
which has taken place, the 1longitudinal elastic
stress distributions at the theoretical ultimate
load for each frame are shown in Fig. 8.11 to Fig.
8.18. The stress distributions refer to the
local buckle failure zone in the stanchion unless
stated otherwise. The cross-hatched areas on the
diagrams indicate the amount of panel yielding
which has occurred and the dimensions refer to the
width of the yielded zone. For a frame which has
not undergone a large amount of yielding in the
compression region, the results of the theoretical
ultimate lcad prediction are sufficiently
accurate. However, where discrepancies occurred
such as for Frames 4, 6 and 7, the stress
distributions indicated significantly more
yielding with subsequent moment redistribution.
The stress distributions for the three frames
mentioned above also showed that significant
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amounts of yielding had occurred in the tensile
stress regions when the ultimate load was

achieved.

As an interesting comparison to the inelastic
local buckling failure loads, the collapse loads
were calculated from a £full plastic analysis.
The mechanisms of failure were the same as those
achieved in the experimental study. Using a
theoretically calculated full plastic moment for
the cross~section, Load Cases 1, 2 and 3 produced
ultimate frame loads of 34.47 kN, 33,72 kN and
53.26 kN respectively. When the plastic moment
waé equated to the failure moment of the Armco
1572 channel beam discussed in Section 4.8.2, the
failure loads for Load Cases 1, 2 and 3 were 29.06
kN, 28.43 kN and 44.91 kN respectively. These
failure loads can be compared to the experimental
failure loads shown in Table 8.2. The comparison
shows that whilst a plastic analysis may predict
the regions of failure, it 1is unconservative in
determining the safe load carrying capacity of the

frames.
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SUMMARY

A general analysis has been presented for the
prediction of the inelastic buckling load of
a structural system.

The theoretical ultimate loads for each of
the seven test frames were computed with the
use of the inelastic buckling analysis.

The computed loads were compared with the
experimental results. Conservative

estimates were produced in all cases.

The discrepancies between the predicted and
the measured collapse loads were attributed
to two major causes. They were inaccuracies
in modelling of firstly, the amount of panel
yielding and secondly, the longitudinal
stress around the cross—section.
Theoretical panel yielding when compared with
the measured distribution was found to be
generally larger and hence significantly
contributed to the conservative collapse load
predictions, The smaller amounts of panel
yielding cobserved in the experimental study

may result from strain hardening of the

'yielded material. Variations in the

longitudinal stress were attributed to moment

redistribution and moment gradient.
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izame Mode Position _I&'_ Bz' Fz 0o
M, M_,.d M,
x X p.4
1,2 a K\]a a 0.114 | 0.222 [-0.196
a 0.139 | 0.219 |-0.019
3 a 1/\11, b 0.099 | 0.233 |-0.070
b b a 0.108 | 0.221 } 0.222
4
a ma b 0.131 | 0.198 | 0.233
5 a r\r a -0.009 | ©0.190 |-0.206
a -0.053 | 0.182 |-0.002
6 b
a m b -0.058 | 0.207 |-0.070
b b a 0.001 | 0.194 | 0.235
7
b -0.059 | 0.246 | 0.241

)

TABLE 8.1 RATIOS OF STRESS

RESULTANTS FOR TEST FRAMES.
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Experimental Theoretical

Ultimate Load Ultimate ILoad . Pr/P,
P_ (kN) P (XN)
E ) o]
16.40 15.37 1.067
16.40 15.37 ' 1.067
20.44 18.62 1.100
37.81 26.04 1.451
18.40 18.30 .1.006
24,44 19.29 1.195
40.15 ' 27.62 1.453

TABLE 8.2 COMPARISON OF THEORETICAL AND EXPERIMENTAL ULTIMATE

LOADS FOR THE TEST FRAMES
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THEORETICAL EXPERIMENTAL
Frame First Collapse First Collapse
Yield Load Factor Yield Load Factor
1 13.1 1.17 - -
2 13.1 1.17 11.5 1.42
3 15.0 1.24 15.7 1.30
4 21.5 1.21 21.4 1.77
5 14.3 1.28 13.9 1.32
6 16.5 1.17 15.9 1.54
7 22.6 1.22 22.8 1.76

TABLE 8.3 COMPARISON OF THEORETICAIL AND EXPERIMENTAL

FIRST YIELD LOADS AND COLLAPSE LOAD FACTORS,
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9.1 INTRODUCTION

At the end of each Chapter a summary of the
main points covered within that Chapter has been
given. For this reason the present conclusions
do not summarise completely the work covered in
each Chapter. The primary aim here 1is to
summarise the arguments proposed in the thesis and
to recapitulate the important results which were

based upon these arguments.

Two main themes were interwoven throughout
the thesis. The first was based upon analytical
models used for solving problems for structural
systems composed of thin-walled members. In
general, the analytical models were conceptually
simpler than classical methods because the
computaticnal difficulties were overcome with the
immense calculating power of the digital
computer. Also the philosophy behind using the
analytical methods to model practical structures
was presented. The second theme inveolved the
calibration of the theory using carefully designed
experimental models, Hence, to observe the
behaviour of practical structures, a series of
frames composed of thin-walled members was
tested. The tests differed from work by previous
researchers in that the members of the structural
system were composed of cold-formed sections and
various loading patterns were used with frames in
which the form of lateral and torsional restraint

was changed,
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9.2 ANALYTICAL MODELS

9.2.1 Elastic Analysis of Complete Structures

The first stage in the analytical development
was to produce a method which would perform a
linear elastic analysis of a thin-walled
structural system. To achieve this objective, a
stiffness matrix for a thin-walled element was
developed. The stiffness matrix related the
displacements of the centfoid and shear centre in
the direction of the principal axes, to the stress
resultants aligned with these axes.
Transformation matrices were used to relate the
stress resultants and deformations aligned with
the principal axes, to the actions and
displacements orientated along the frame (or

global) axes, The transformation matrices
included the bimoments and warping
displacements, The stiffness matrix for a
complete structural system could then be

determined by summation of the elemental stiffness
matrices, The stiffness analysis including the
effect of warping torsion could therefore be
performed. Various conditions of loading and
restraint for each member were permitted in the
analysis. A member may be supported through the
action of either a displacement or torsional
restraint. The effect of an eccentricity of a
restraint with respect to the centroidal axis of a
member was also introduced to permit greater

flexibility in the use of the analysis.




- 478 -~

A major advantage of the matrix stiffness
method is that any set of boundary conditions may
be simply incorporated within the analysis., This
feature was maintained when thin-walled torsion
was incorporated within the method. Care is
required in the definition of the warping boundary
conditions as they are more difficult to assess
"than the axial and flexural boundary
conditions. Case studies of different joint
types showed that inaccuracies in the modelling of
joint to member connections resulted in large
discrepancies for the in-plane and out-of-plane
predicted response. The case of a typical member
connection in which the thin-walled members are
connected to a prismatic joint was considered.
In this case the major-axis moment in the
prismatic joint produces both a bimoment and a
major-axis moment in the thin-walled members

connected to it,

‘ A second advantage of the matrix stiffness
method is that it can be fully automated to
analyse structural systems of any geometry. This
capability was also maintained when thin-walled
torsion was included in the analysis. The
inclusion of the correct torsional rigidity was
important in the analysis of three-dimensional
frames since the torsional stiffness contributes
significantly to the overall structural stiffness.
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9.2.2 Inelastic Analysis of Thin-Walled

Cross-Sections

A method has been developed which calculates
the elastic-plastic response of the generalised
strains for a cross-section subjected to any
general load. The method is an extension of the
normal moment-curvature analysis of cross-sections
in which the wusual engineering bending theory
assumption that "plane sections remain plane™ is
not made. Warping displacements and warping
strains resulting from restrained torsion are
permitted thus allowing yielding as a consequence
of restraint to warping in addition to yielding

resulting from bending moment and axial force.

Matrix methods were developed for -the
calculation of section properties. The
corresponding equations can be solved for the
shear flow distribution and the warping
pattern. The section properties derived are for
bending about the centroidal axes and twisting
about the shear centre axis. For other axes,
transformations of thg displacements and forces
are required to produce a set of stiffnesses about

an arbitrary axis system.

As a result of the stresses imposed upon the
cross—-section, vyielding may take place. Once
yielding occurs, the total stiffness relationships
no longer apply. An alternative approach was
clearly required and it involved the use of
floating nodes in the panels. " The floating nodes
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were allowed to move with the yield boundary so
that the number of panels in the cross-section
remained constant and all panels were either
elastic or plastic. The matrix method for
calculation of the section properties can be used
as before with the modular ratic of the yielded
panels being taken ‘as =zero, The properties
‘derived using the elastic core can be used as
tangent stiffness properties in converging to a
non-linear solution, relating the total stress
resultants to the generalised cross~section
strains. The analysis was useful as it provided
information on the amount of yielding that was
present in the c¢omponent plates of the cross-
section for a particular value of load. This
information was required in the inelastic buckling

analysis.

9.2.3 Inelastic Buckling Analysis of
Thin~Walled Members

An inelastic buckling analysis was developed
which enabled an estimate ®of the collapse load to
be determined, either for a single element or for
a light-gauge framework. The method £firstly
involved obtaining the relevant ratios of the
stress resultants at a critical cross-section
location for a particular load set. Using the
stress resultant ratios, an inelastic cross-
section analysis was then performed. The
analysis enabled a prediction of the strains in

the cross—-section which indicated the location and
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extent of yielding in the panels as a result of

the increasing load.

The results from the analysis were utilised
in an inelastic buckling analysis in which the
finite strip method was utilised. For the
inelastic buckling analysis, the cross~section was
described as a number of longitudinal ﬁlate
elements. If yielding occurred in a panel, the
material properties for the panel were altered
accordingly. For a particular load set, the
minimum buckle half wavelength for the cross-
section was obtained. The buckling load factor
for this buckle half wavelength was then plotted
against the applied loading. Thus the critical
load for the cross-section location was given when
the minimum buckling load factor had the value of
the load factor of the stress resultants applied

+o0 the cross—section.

The effect of different stress resultants
upon a channel section was studied. The method
is useful in that it can produce the buckling load
as well as the buckled configuration of the cross—
section, enabling the buckle mede to be
determined. Hence, a plot of buckling load
against the buckle half wavelength may be quickly
obtained. However, the method is more useful for
the prediction of the wultimate load carrying
capacity of a structural system. It is essential
that the members within the system are adequately
restrained against a lateral-torsional failure.
I1f this is the case, failure will occur through
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the formation of a localised buckle enabling the
analysis to provide an estimate of the collapse
load.

9.3 EXPERIMENTAL RESULTS

The aim of the experimental study was to
investigate the elastic response and collapse
behaviour of thin-walled plane frames. The
frames were modelled on the typical geometry of a
low-rise industrial framed building. A restraint
system was employed which modelled the restraining
action of the purlins and girts. Each restraint
was designed kinematically to prevent lateral
movement but to allow all other deformations to
occur. Restraint from rotation about the
longitudinal axis could be achieved at vwvarious
locations. Three different loading patterns were
chosen. In turn, each lcading vpattern was
applied firstly to a frame with lateral
displacement restraints only and secondly to a
frame with both lateral and torsional
restraints. The loading was applied to the
members of the frame at the positions of the
lateral restraints. This was equivalent to the
loading from the c¢ladding of the frame being
transmitted to the frame by way of the purlins and

girts.

The tests were successful in achieving their
aims. Firstly, relevant deformations were
obtained both in the elastic and inelastic regions
for the response of the frame, The deformaticns
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were classed as either in-plane or out-of-plane
responses. The effect of the loading pattern
upon the deformations was successfully determined
from the first series of tests. The second
series, in which lateral and torsional restraints
were attached to the frame, provided a comparison
between the deformations not only for different
loading patterns but also for a different level of
restraint. The deformations for each series
showed correlation to the applied pattern of
loading. The effect of torsional restraint had a
marked effect in both the out-of-plane as well as
in-plane responses. The stiffness of the second
series of frames was enhanced through the presence

of the torsional restraints.

Secondly, the experimental investigation
enabled the in-plane bending moment distribution
to be examined. Because the cross-sectional
dimensions of cold-formed members are too thin to
develop plastic hinge action, little rotation
occurred in the members before collapse.
However, the response was not strictly linear as a
small amount of moment redistribution was
observed. The minor—-axis bending moment, axial
force and bimoment distributions were also
determined from. the experimental study. The
response of the minor-axis bending moment and
axial force at a particular location were not
always linear. However, the discrepancy may be
explained because of the much smaller magnitude of

these strains,
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The experimental analysis also enabled a
closer examination of the transmission of the
moments and forces from one member to another
through a joint. The joint chosen for the study
did not allow full continuity of the members.
The web of each member was rigidly attached to the
joint plate and the flanges were free to warp
relative to the web. However, the study revealed
that even though the joint could not restrain
warping, continuity of the moments and forces was
achieved across the Jjoint. The experimental
investigation also showed that the system used for
the joining of the members could have a large
influence on the in-plane and out-of-plane
deformations., The joint system chosen permitted
a more flexible response than a system in which

full continuity of members was achieved.

The joint system was also important because
of its influence on the collapse behaviour of the
frame, The system chosen for the experimental
study produced higher stresses near the Jjoints
than if full continuity of members was used. The
higher stresses were vresponsible for localised
failure in the component plates of the cross-
section,. The localised failures, in turn, had an
effect upon the ultimate load of the overall
structural system. Also, the nature of the
connection of the member at the joint allowed the
torsional response to influence the stress
distribution in the member. Hence, it 1is
possible to predict the effect of the Jjoint detail
on the collapsé load of the structure with
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confidence. It may be concluded that a joint in
which full continuity of each member is achieved
will result in the attainment of a higher collapse
load than for the type of joint used in the
experimental study. For a joint in which the
flanges of each member are partially prevented
from warping but are not connected to the idoint,
the collapse load would lie between the
experimental model and the fully continuous
case. This is because the torsional stresses are
reduced allowing the major-axis bending moment to
become the dominant failure inducing stress
pesultant. -

Lastly, the experimental study permitted the
collapse modes and ultimate loads for the frames
to be studied. The effect of the lateral and
torsional restraints upon ultimate characteristics
was also displayed. Each frame failed because of
a localised instability effect and not because of
an overall member failure. The localised failure
zones were situated adjacent to the joints in the
regions of highest in-plane bending moment and
highlighted the importance of the jointing system
upon the ultimate load carrying capacity. The
first series of tests showed that failure occurred
when the compressive load carrying capacity of the
cross-section was exceeded. The deformations of
the compression flange were a significant
contribution to the failure mechanism. The
second series of tests restricted the capacity of

the cross-section, particularly the compression
'flange, to rctate. The restraint of the flange
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resulted in an increase of the ultimate load for
corresponding loading patterns. The tests also
revealed . that very little plastic deformation
occurred in the members of each frame. Apart
from the regions of localised failure in each
member, there was no evidence of plastic

deformation in any other region.

9.4 OQUANTITATIVE COMPARISON OF ANALYTICAL
MODELS AND EXPERIMENTAL RESULTS

The simulation of the test frame behaviour
using the analytical models was generally guite
successful. Two separate and distinct responses
were modelled. Firstly, the linear elastic
deformational response is important because it is
used by designers ag a guide to the performance of
the structural system under working loads.
Secondly, the ultimate load carrying capacity of
the thin-walled structural system was
predicted. The ultimate load carrying capacity
is also of importance to the designer as it
permits the stresses to be determined and enables
the members in the system to be proportioned

according to the stresses.

The data from the experimental tests was
compared with predictions produced using a linear
elastic matrix displacement analysis. The
analysis included the thin-walled torsion theory
derived by Vlasov and cross-section
monosymmetry. The analytical predictions were
quite accurate for the in-plane response. The
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effect of torsional deformations on the in-plane
deflections was accurately modelled. The
importance of the precise modelling of joints in
thin-walled structural systems was emphasised,
It was only through an understanding of the
bimoments in members adjacent to a joint that the
in-plane response was able to be precisely
‘determined. However, the nature of the problem
presented difficulties for the accurate prediction
of the out-of-plane response, It was discovered
that an analysis assuming rigid body deformation
of the members was insufficient to predict the
elastic response of the structure at the load
points. This situation arose because of the
distortional rotation which was taking place
within the cross—section. It was found necessary
to superimpose the distortional deformations,
derived from a finite strip analysis, on the rigid
body rotations. The distortional analysis
clearly showed that significant deformations can
arise through cross-sectional distortion occurring
at points of concentrated load. However, the
distortional analysis appeared to be inadequate
for the determination of the longitudinal:rotation
of the rafter in Frame 3. It was also observed
that this particular member in Frame 3 displayed
other pecularities. - The major-axis bending
moment distribution was a pertinent example,
Associated with this was the behaviour of the
rafter stress distribution which was plotted for
the load at which first yield was observed. In
both these cases the correlation between theory

and experiment was particularly poor. Hence, for
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all the frames, with the exception of the rafter
members in Frame 3, the comparison between the
theoretical and experimental in~plane and out-of-
plane elastic responses was sufficiently accurate

for engineering purposes.

All three analytical models were used for the
determination of the ultimate load of each
frame. The wultimate 1load of a thin~walled
structural system which is adequately restrained
was found to be 1limited to the 1local buckling
resistance of the cross—section. Local buckling
took place in the regions of peak major—-axis
bending moment. The analytical model showed that
the local buckling load was dependent upon the
ratios of the stress resultanté acting at a
particular cross-section location. This occurred
because the ratios of the stress resultants affect
the position and rate of vielding which occurs in
the cross—-section, In some cases the
analytically determined buckling loads were
reasonably accurate. However, the predictions
were all conservative, The conservatism was
attributable to inaccuracies in the modelling of
the behaviour of the «cross—-section in the
inelastic range. Inaccuracies may result from a
number of causes, The most obvious 1is the
distribution of material yield stress around the
cross-section which is dependent upon the residual
stresses caused by cold-forming. The position of
the yield boundaries at a particular load factor
is also very important. The experimental

measurements of strain showed'that the simulation
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of panel yielding was not accurately modelled for
some panels of the cross-section. Moveover, it
was observed that for these panels the rate of
yielding decreased with increasing load, probably
as a result of strain hardening. Hence for a
particular load factor, the theoretical elastic
core of the cross-section was smaller than the
experimental cross~section resulting in a lower
collapse load for the frames. The collapse load
predictions for Frames 4 and 7 were the most
consexrvative and it was for these two frames that
the decreasing rate of yielding was most
evident, As collapse occurred adjacent to the
eave joints in the stanchions of these frames it
appears that the decrease in the rate of panel
yielding was influenced by the presence of axial
tension in these members.

Further inaccuracies may result from an
incorrect choice of stress resultants which may be
caused by two main effects. Firstly, the method
for predicting the collapse loads required that
the buckling location be accurately chosen. The
choice of position influences the ratios of the
stress resultants through the presence of moment
gradients. Secondly, the stress resultant ratios
will change by the . process of moment
redistribution a the ultimate load is
approached. In this thesis the problem of moment
redistribution was not attempted. This was
firstly because of the complex nature c¢f the
problem and secondly because of the thinness of
the sections used in the exberimental study in
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which it was envisaged that local buckling failure
would occur at loads not too far above first

yield.
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9.5 SUMMARY AND RECOMMENDATIONS

The work presented in this thesis has dealt
exclusively with thin-walled structures. Their
analysis and behaviour has been of particular
interest. Analytical methods have been developed
and compared with the results of a comprehensive
experimental investigation. Theory and

experiment have correlated quite well.

In conclusioﬁ, this thesis goes further than
the consideration of thin-walled members alone and
includes the behaviour of conplete structures,
It includes their linear elastic response as well
as the ultimate behaviour of representative
structural systems. Such studies are currently
justified to help designers understand the complex
behaviour of thin-walled structural systems.

The work in this thesis has inevitably opened
new fields which need to be studied in greater
detail, Firstly, the experimental investigation
could be further refined and extended by
considering new jointing systems as well as
different forms of lateral restraint and
variations in the cross-—-section of the members of
the structure. Structures of differing geometry
would also make an interesting study. Secondly,
the analytical models could be further refined.
The most obvious development would be in the
prediction of the ultimate behaviour. The
separate analyses presented in this thesis could
pe combined and the prediction of lateral-
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torsional failures could be investigated. it
would then be possible to finally predict the full
load-deformation response of the structural system

under prescribed static loading.
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