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Abstract 7 

Design-by-analysis methods for steel structures are receiving considerable attention from 8 

professional engineers, researchers and standard-writing groups. Designing by analysis, termed 9 

as the Direct Design Method (DDM), is premised on the use of geometric nonlinear inelastic 10 

finite element analysis to determine the ultimate strength of steel structural frames and 11 

subsequently incorporating a system resistance factor (ϕs) to account for the effects of 12 

uncertainties in geometric parameters, stiffness and strength. This paper outlines the DDM in the 13 

context of cold-formed compact Hollow Steel Sections (HSS), including the reliability analysis 14 

framework at system level underpinning the Method. The system resistance factors for a series 15 

of representative 3D frames with hollow locally stable cross-sections are derived. 16 

1. Introduction 17 

Steel structures are traditionally designed by a combination of a frame analysis that provides the 18 

internal actions and a design specification which provides rules for calculating the strength of 19 

members and connections for the set of internal actions (forces and moments) determined from 20 

the structural analysis. While in the past 40 years the structural frame analysis has shifted from 21 

hand-calculated based analysis to second-order elastic analysis, the two-step design approach 22 

has been utilised extensively for more than one hundred years. With the advances in structural 23 

engineering during the past two decades, the behaviour of a highly redundant structural steel 24 

system can now be precisely determined by nonlinear finite element analysis, which may be a 25 

beam element-based plastic zone analysis for compact sections, or shell element-based large 26 

deformation inelastic analysis for structures with thin-walled members prone to distortional as 27 

well as local instabilities [1-7]. The advanced nonlinear finite element analysis provides 28 

engineers an opportunity to move from the two step member-based design method to a system-29 

based approach. 30 
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 31 

In this paper, the direct design by analysis approach is referred to as “Direct Design Method” 32 

(DDM). The DDM provides the unique feature such that system failure (ultimate frame strength) 33 

rather than member limit state is regarded as the design criterion. The frame analysis in the DDM 34 

shall incorporate all sources of important nonlinear actions affecting the structural behaviour, 35 

notably second-order effects, plasticity, semi-rigidity of connections, residual stress, initial 36 

geometric imperfection, and be able to detect all the relevant limit states (e.g., sectional yielding 37 

and member buckling) covered by the specification equations. The essence of the DDM is that 38 

the structure is modelled as realistically as possible, to the point of accurately simulating the 39 

structural response that one would achieve in physical tests of the structure. Such an analysis is 40 

termed “advanced analysis” in AS4100 [8], “inelastic method” in AISC360-10 [9], and 41 

“geometrical and material nonlinear analysis with imperfections” in European terminology. 42 

Modern FE analysis software such as ANSYS, Strand 7, ABAQUS, and the open-source 43 

OpenSEES software increasingly feature material and geometric nonlinear analyses which may 44 

employ beam elements and/or shell elements. Technically, the application of advanced structural 45 

analysis for system-based design has diminished considerably, especially seeing that the 46 

performance of standard desktop computers now allows sizeable structures to be analysed by 47 

advanced analysis sufficiently quickly to be a practical proposition. 48 

 49 

The DDM has significant practical advantages over the conventional member-based design 50 

methods. By using the advanced analysis, the failures of member and connection can be 51 

explicitly assessed within a structural frame system and subsequently, the capacities of the 52 

member and connection can be directly checked without the use of design strength provisions of 53 

a structural standard. Apart from generally leading to lighter frames, the DDM provides a 54 

conceptually simple method of design with more uniform reliability of a wide spectrum of steel 55 

frames [10]. It also informs the designer of the failure mode and the complete path from elastic 56 

to ultimate and post-ultimate, enabling the designer to consider the consequences of failure, thus 57 

providing further incentive for using the Method. 58 

 59 

The approach for design based on advanced analysis of the overall structural frame behaviour 60 

have been incorporated into several steel design standards(e.g., [8, 9]) (except for earthquake 61 

design). However, even with sophisticated nonlinear finite element analysis, the true behaviour 62 

of a steel structure cannot be evaluated with certainty because numerous sources of uncertainty 63 

exist in structural loads, strength and stiffness of system, members and connections. These 64 
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uncertainties give rise to risk and introduce a probability of failure. In load and resistance factor 65 

design (LRFD), member reliability requirements are achieved through the resistance factors 66 

using a reliability calibration process [11, 12]. However, the system-based DDM has yet to 67 

address the problem of satisfying the minimum system-based reliability requirement.  68 

 69 

This paper outlines the DDM and the reliability analysis framework at system level underpinning 70 

the Method. The procedures of probabilistically deriving the system resistance factor for the 71 

DDM are presented with particular emphasis on 3D cold-formed steel frames with compact 72 

hollow sections. Sixteen baseline frames (eight moment frames and eight braced frames) with 73 

different configurations and failure modes are investigated. The system resistance factors 74 

corresponding to different levels of target reliability are derived.  75 

 76 

2. DIRECT DESIGN METHOD 77 

In the DDM, the frame analysis and design check are achieved in one integrated step, taking the 78 

LRFD format, 79 

  niins QR 
 

(1)

 80 

where Rn is the nominal ultimate strength of the frame predicted by advanced analysis using the 81 

nominal geometric and material properties while ϕs is a system resistance factor that considers 82 

the effects of uncertainties in frame strength, geometric properties and stiffness, Qni are applied 83 

nominal loads (gravity, wind loads) to the whole frame, and γi are load factors from the loading 84 

standards (e.g., ASCE7-05 [13]). 85 

 86 

When conducting a nonlinear finite element analysis, the frames’ ultimate strength is predicted 87 

using a static pushdown analysis for gravity loads, or a static pushover analysis for combined 88 

wind and gravity loads. The loads are increased proportionally and incrementally in the analysis 89 

until system failure. The peak point of the load-displacement response is determined as the 90 

frames’ ultimate strength. In case of there is no descending branch in the load-deflection response, 91 

the frame's ultimate strength is chosen as the point where the gradient of the load-displacement 92 

response is decreased to 5% of its initial gradient [14]. The applied load is often expressed as the 93 

product of a scaling load factor λ and a reference applied load. Thus, Eq. (1) is equivalent to λu 94 

≥ 1/ϕs, in which λuis denoted as the ultimate frame load factor.  95 

 96 
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3. SYSTEM RELIABILITY ASSESSMENT 97 

The system resistance factor ϕs in Eq. (1) needs to be determined using concepts of probabilistic 98 

limit state design accounting for the uncertainties in loads and system resistance to achieve a 99 

design with the predefined level of system reliability [12]. In the structural reliability theory, the 100 

safety of a structure is quantified by its probability of failure, Pf, i.e., the likelihood of reaching 101 

the limit state(s) during its lifetime. Monte Carlo Simulation (MCS) is regarded as a conventional 102 

approach for determining the probability of failure of a structure. This technique involves (1) in 103 

each simulation, randomly generating values of the uncertain properties within a structural (e.g., 104 

elastic modulus, yield stress, residual stress, initial geometric imperfections, strain hardening etc.) 105 

and the loads according to their statistical characteristics, and (2) checking if the ultimate strength 106 

of the frame predicted using advanced analysis is equal to or greater than the total applied loads. 107 

After a sufficient number of simulations, the probability of failure can be numerically estimated 108 

as Pf = n/N, in which N is denoted as the total number of simulations performed, and n represents 109 

the number of simulations where the structure cannot withstand the applied loads. More 110 

advanced simulation-based methods using variance-reduction techniques are also available for 111 

system reliability evaluations [15-18]. In probability-based structural design, the so-called 112 

reliability index, β, is customarily used as an alternative of reliability to Pf, with the relationship 113 

β = Φ−1(1−Pf), where Φ−1 is denoted as the inverse of the distribution function of a standard 114 

normal distribution [12, 19]. 115 

 116 

For a cold-formed steel structure, the important random variables that need to be accounted for 117 

in reliability analyses include: structural loads, yield stress, Young’s modulus, residual stress, 118 

cross-sectional properties, and initial geometric imperfections. Furthermore, the inherent 119 

randomness in material properties and loads, the model uncertainty of advanced analysis also 120 

needs to be considered. The probabilistic characteristics for these uncertainties will be discussed 121 

in detail in Section 4. 122 

 123 

The computational cost of the aforementioned direct Monte Carlo method can be very intensive, 124 

because each simulation requires a nonlinear structural analysis. The direct Monte Carlo method 125 

is impractical for code-development which involves system reliability evaluations of a large 126 

number of steel frames. To overcome this difficulty, the First-Order Reliability Method (FORM) 127 

[19, 20] is adopted for system reliability assessment in this study. In this approach, the stochastic 128 

characteristics of a steel frame are first estimated using a relatively small number of simulations, 129 

and subsequently combined with the statistics of applied structural loads to estimate the 130 
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probability of failure.  131 

 132 

Consider a steel frame at its limit under the gravity load combination 1.2 Dn+1.6 Ln specified in 133 

ASCE7-05 [13], in which Dn and Ln are the nominal dead and live loads, respectively. The design 134 

equation of Eq. (1) becomes  135 

 1.2 1.6s n n nR D L   . (2) 

 

The associated limit state function g is  136 

 137 

 
Gg R D L    (3) 

 

in which RG is denoted as the frames’ resistance to gravity loads, D =  dead load, and L represents 138 

the (maximum lifetime) live load. The frame fails if the limit state function g is less than zero.  139 

 140 

For a frame under both wind and gravity loads, the design load combination is  141 

 142 

 1.2 +0.5 +1.6s n n n nR D L W   (4) 

 

where Wn is the nominal wind load from ASCE7-05. Note that Eq. (4) represents the load 143 

combination of dead load, wind load, and the "arbitrary point-in-time" live load.  Accordingly, 144 

the limit state function can be expressed as: 145 

 146 

 
wg R W   (5) 

 

where Rw is the system lateral capacity when the frame is subjected to the applied dead load and 147 

the "arbitrary point-in-time" live loads, and W represents the wind load.  148 

 149 

The probabilistic models for structural loads (dead load, life-time maximum live load, arbitrary 150 

point-in-time live load and life-time maximum wind loads) are available from previous research 151 

[21]. The resistance models of RG and Rw can be estimated using the MCS, considering the 152 

uncertainties in geometric and material properties as well as the model uncertainty of the 153 

advanced analysis. The efficiency of MCS technique may be enhanced by Latin Hypercube 154 

Sampling (LHS). Typically, 350 to 550 simulations based on LHS are sufficient for estimating 155 

the probabilistic characteristics (mean, variance, distribution type) of system resistance. Provided 156 
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the statistics of the structural loads and system resistance are available, the structural reliability 157 

can be promptly evaluated by applying the FORM [22, 23]. 158 

 159 

Using the aforementioned system reliability analysis method, the β-ϕs curve for a frame can be 160 

obtained.This curve provides a basis for choosing the system resistance factor for any target 161 

system reliability requirement. 162 

 163 

When developing the design criteria for the DDM, a critical issue is how to define the baseline 164 

systems to be analysed as there are numerous systems in the real world. The purpose of the study 165 

is not to analyse as many systems as possible; rather, one needs to search the common 166 

characteristics of system reliabilities which allow the results of these analyses to be generalized, 167 

e.g., frame layout (regular or irregular, braced or unbraced) and failure mode. 168 

 169 

4. UNCERTAINTIES IN COLD-FORMED HSS FRAME SYSTEMS 170 

For cold-formed HSS frames, the important random variables that need to be addressed in 171 

reliability analyses include: elastic modulus, yield stress, structural loads residual stress, cross-172 

section properties, and initial geometric imperfections. Moreover, using nonlinear finite element 173 

analysis introduces model uncertainty. All the important uncertainties, including model 174 

uncertainty must be addressed in the DDM design process. 175 

 176 

Table 1 presents the statistics for some of the random variables that are readily obtained from 177 

the literature, including the yield stress (Fy), elastic modulus (E), cross-section thickness (t) of 178 

HSS, and the loads. Note that the “L” in Table 1 represents the maximum live load in 50 years, 179 

while Lapt represents the arbitrary point-in-time live load. The probabilistic models of other 180 

uncertain parameters are discussed in this section.  181 

4.1. Uncertainty in initial geometric imperfections 182 
 183 
The method proposed in [24] is used for modelling the initial geometric imperfections. In this 184 

method, the superposition of a certain number of buckling modes of a column in compression is 185 

utilized to represent the member initial out-of-straightness:  186 

 
ߜ ൌ ሻݔߨ෍ܽ௜sinሺ݅ߛ

௠

௜ୀଵ

 
(6) 

in which x∈[0,1] represents the normalized coordinate along the member length, ai is the scale 187 

factor for the ith buckling mode, which is random, δ denotes the out-of-straightness at x and γ is 188 
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a random sign indicator (either +1 or −1) to denote the direction of imperfection. Previous study 189 

has indicated that the member out-of-straightness can be sufficiently modelled using the first 190 

three modes [25].  191 

 192 

Three sets of data which comprise of one from  Milan Polytechnic University [26] and two from 193 

the University of Sydney [27] were used to derive the scale factor ai in Eq. (6) for HSS. The 194 

statistics of each of the scale factors are summarised in Table 2, modelled with a lognormal 195 

distribution. In a 3D analysis, the member imperfections of a member are treated as random 196 

variables for both cross-sectional axes with no correlation. 197 

 198 

The out-of-plumbness of frame is also modelled as a random variable. It is assumed that all 199 

columns lean in one direction with respect to each cross-sectional axis. This is a conservative 200 

assumption. The statistical data for frame out-of-plumbness have been reported in [25]. The out-201 

of-plumbness angle is descripted by a lognormal, whose mean value is 1/770 and standard 202 

deviation is 1/880. 203 

 204 

4.2. Uncertainty in residual stress 205 

The residual stress in non-stress-relieved cold-formed steel sections has various components (i.e., 206 

membrane, bending and layering residual stresses in the longitudinal and transversal directions). 207 

The effects of different components of the residual stress on the ultimate strength of a cold-208 

formed steel frame has been investigated in the literature, e.g., [29]. In general, the bending 209 

residual stress in the longitudinal direction has a more dominant influence on the system’s 210 

ultimate strength than other components of the residual stress. Thus, the effect of residual stress 211 

in cold-formed HSS can be reasonably considered by only modelling the longitudinal bending 212 

residual stress [29].  213 

 214 

Following the approach in [29], the present study modified the steel’s stress-strain curve to 215 

simulate the effect of residual stress. The detail of this method can be found in [28, 29]. Equations 216 

(7-9) give the modified stress-strain curve for cold-formed HSS which takes into account the 217 

effect of longitudinal bending residual, 218 

 219 

E     for   10     (7)
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yF  for  2   (9)

 220 

where the non-linear transition from the elastic to yield are defined by the two parameters ε1 and 221 

ε2, which can be solved by Eq. (10) and Eq. (11), respectively: 222 

 

1

y b
F

E E



  , 

(10)

 

and 223 

 

2

yb
F

EE



  , 

(11)

 

where σb is denoted as the actual magnitude of bending surface residual stress in the longitudinal 224 

direction. Figure 1 schematically compares the elastic-plastic material model and the modified 225 

stress-strain model according to Eqs. (7-9). Details about the model can be found elsewhere [29].  226 

 227 

The uncertainty of the residual stress of HSS is considered by modelling the longitudinal bending 228 

residual stress (σb) as a random variable. The statistics of σb is summarised based on the 229 

experimental surface residual stress measurements of 35 experimental samples. Based on this 230 

result, the coefficient of variation (COV)  for σb is 0.05 while the mean is found to have a value 231 

of 0.7Fy  [29]. 232 

 233 

4.3. Model uncertainty 234 

In addition to the inherent random variations in material and geometric properties and structural 235 

loads, the model uncertainty of nonlinear finite element analysis also needs to be considered. 236 

Model uncertainty arises from assumptions and approximations made in finite element modelling 237 

and analysis, such as the use of two-dimensional models to represent three-dimensional 238 

structures, simplified boundary conditions and idealized connection behaviour, neglecting non-239 

structural elements, and introducing discretisation errors in the finite element modelling, etc. In 240 

theory, the model uncertainty of advanced analysis might be estimated by comparing 241 
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experimental results of frame load tests to the predicted results from advanced analysis. However, 242 

only limited full-scale load test results are available in the literature, e.g., for cold-formed steel 243 

portal frames [30] and steel rack structures [31]. Based on these frame tests, the model 244 

uncertainty of the advanced analysis for portal frames was estimated as having a bias factor of 245 

0.92 and a COV of 0.061. For rack structures, the model uncertainty has a mean of 1.13 and a 246 

COV = 0.065. For three-dimensional cold-formed HSS frames (with compact sections) 247 

considered in this study, no frame tests are available to estimate the model uncertainty. It is 248 

assumed that with current plastic-zone type nonlinear finite element software, the model 249 

uncertainty for 3D hollow structural section frames without local buckling is unbiased and its 250 

COV is relatively small, assumed to be 0.05. 251 

 252 

5. SYSTEM RESISTANCE FACTORS FOR THREE-DIMENSIONAL COLD-FORMED 253 

HSS FRAMES 254 

A set of eight 3D HSS moment frames and eight HSS braced frames were selected in the present 255 

study as the baseline structures to derive ϕs for the DDM. The layouts for the moment frames 256 

and braced frames are demonstrated in Figs 2 and 3, respectively. The details about the member 257 

sizes of the sixteen frames can be found elsewhere [28].All members are fully compact cold-258 

formed square hollow sections, i.e. local instability is not considered in the study. 259 

 260 

5.1. Advanced analysis models 261 

The six degree-of-freedom three-dimensional beam element (B31) in ABAQUS is used for the 262 

frame analysis, which considers beam shear deformation but neglects warping torsion. Both in-263 

plane and out-of-plane behaviours are considered in the frame analysis.  264 

 265 

Beam-column joints are assumed rigid for the moment-resisting frames and with sufficient 266 

ductility to preclude fracture. Thus, compliance of the connections is not considered in this study. 267 

For the braced frames, the beam-column joints are hinged. A simple X-bracing system is utilized 268 

in the braced frame as the statistical characteristics of the frame ultimate strength is found 269 

insensitive to the layout of the bracing system. The failure of brace members is precluded.  270 

 271 

The steel stress-strain curve is described using the material model in Eqs. (7-9) to capture the 272 

effect of residual stress. The steel has an elastic modulus of 200 GPa and a nominal value of 273 

yield stress Fyn of 450 MPa. The nominal value for the longitudinal bending residual stress (σb) 274 

is equal to 0.7Fyn (315 MPa). 275 
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 276 

The nominal frame out-of-plumbness has a nominal value of H/770 and was modelled by the 277 

Notional Horizontal Load method. This value is based on the mean value of the out-of-278 

plumbness, as described in Section 4.1. The out-of-straightness of the component HSS members 279 

was not modelled in the nominal frame models, consistent with current engineering practice. 280 

However, the member out-of-straightness was included in the Monte Carlo simulations. 281 

 282 

The uniformly distributed floor pressures on slabs are converted to line loads applied along the 283 

beams based on the tributary areas. The wind loads are converted to concentrated loads applied 284 

on the beam-to-column connections. Rigid diaphragms are introduced at each storey level to 285 

simulate the effect of floor slabs. To model the rigid diaphragm in the beam-element based frame 286 

model, the planar translation and twist rotation degrees-of-freedom of the nodes along the beams 287 

at each floor is kinematically constrained. Consequently, the existence of a rigid diaphragm 288 

allows in-plane bending of the beams in the vertical direction while it provides lateral and 289 

torsional restraint to out-of-plane bending. Details about the modelling of rigid diaphragms can 290 

be found in [32]. 291 

 292 

As a structure’s reliability may be dependent on its mode of failure, a variety of failure modes 293 

need to be considered. For each baseline frame, the member sizes were adjusted to induce 294 

different failure modes such as frame sway instability and formation of plastic hinges. Thus, each 295 

baseline frame is expanded into several related frames, with the same frame configurations and 296 

loads, but different member sizes [2, 22, 28]. 297 

 298 

In this study, a plastic-zone type of analysis is employed to model the development of plasticity 299 

along the member and through the cross-sections. The criterion for forming a “plastic hinge” is 300 

therefore based on the cross-sectional yield ratio exceeding a certain threshold. To determine this 301 

threshold, a simply supported beam of 8 m was considered. The cross-section of the beam is a 302 

square hollow section (250×250×16 mm), with a nominal Young’s modulus of 200 GPa and a 303 

nominal yield stress of 450MPa. A point load is applied vertically at the mid-span. The beam 304 

was analysed using a plastic hinge analysis and a plastic zone analysis, respectively. It was found 305 

that when a plastic hinge has formed in the plastic hinge analysis, the corresponding cross-306 

sectional yield ratio given by the plastic zone analysis is 62.5%. Therefore, in this study, if 62.5% 307 

of a cross-sectional area has yielded, it represents the case of significant yielding and can be 308 

considered as a plastic hinge. If a yield ratio of 62.5% or more is found within the cross-section 309 
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of any beam or column, the failure mode is defined as Fully Yielded (FY). Otherwise the failure 310 

mode is referred to as Partially Yielded (PY). 311 

 312 

5.2. Moment-resisting HSS frames under gravity loads 313 
 314 
In this section, the sample distribution of the 16 baseline frames’ gravity resistance were 315 

generated by performing MCS using LHS technique. 300 random samples of each baseline frame 316 

were simulated with random values for the yield stress, Young’s modulus, cross-section 317 

thickness, longitudinal residual stress, member out-of-straightness, and frame out-of-plumbness 318 

according to their statistics presented in Section 4. Perfect correlation is assumed for the random 319 

properties (Fy, E and t) between all members. Studies have shown that the perfect correlation 320 

assumption is usually conservative for reliability evaluations [34]. 321 

 322 

Through the Monte Carlo simulation, the mean-to-nominal ratios and COV’s of the eight 323 

baseline moment frames’ gravity resistance were obtained and presented in Table 3. It was found 324 

that the strength statistics of all these frames are comparable despite their different modes of 325 

failure (BFY-CFY, BFY-CPY, etc.) and configurations (regular and irregular).The mean-to-326 

nominal values for the strengths vary from 0.99 to 1.08, with the COV varying from 0.09 to 327 

0.123. The average mean-to-nominal ratio and COV for the strengths of these baseline frames 328 

are 1.04 and 0.11, respectively. A lognormal distribution can reasonably fit the Monte Carlo 329 

samples of the frames’ gravity resistance. The simulated sample distribution of Frame 3 with a 330 

failure mode of BFY-CFY is plotted in Fig. 4(a) as an example. The full set of resistance 331 

distributions for all baseline frames are given in [25]. 332 

 333 

Since live load has more variability than dead load, a structure’s reliability is dependent on the 334 

live-to-dead load ratio. Typical nominal load ratios Ln/Dn for light gauge cold-formed steel 335 

structures vary from 1.0 to 5.0 [33]. Clearly, one cannot achieve a uniform reliability for different 336 

Ln/Dn ratios by using a single value of ϕs. However, for daily engineering practice, a constant 337 

resistance factor for all loading scenarios has its practical advantages. To calculate the “average” 338 

value of ϕs, each case of Ln/Dn is assigned a relative weight as shown in Table 4 [33]. The weights 339 

represent the relative frequency of occurrence of different Ln/Dn ratios.   340 

 341 

With the system resistance models obtained from the Monte Carlo simulations and the stochastic 342 

load models obtained from the literature, the system resistance factors of the frames were 343 
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computed for four levels of target reliability index (β= 2.5, 2.75, 3.0 and 3.5) using the FORM 344 

outlined in previous sections.  Table 3 summarizes the results. It can be seen that ϕs for the eight 345 

baseline moment frames are similar although the frame configuration and failure modes are 346 

different. Note that the resistance factors are the “weighted-average” values of different cases of 347 

live-to-dead load (Ln/Dn) ratios given in Table 4. As a demonstration, Fig. 4(b) shows the β-ϕs 348 

relationship for Frame 3 with a failure mode of BFY-CFY. As expected, β decreases with 349 

increasing ϕs. For a given value of ϕs, β decreases as Ln/Dn increases. 350 

 351 

The target reliability index for hot-rolled steel members in the current LRFD of steel structures  352 

is approximately 2.6-2.8 under gravity loads [32, 34]. The target member reliability index for 353 

cold-formed steel members designed by the American Standard AISI-S100 or Australian 354 

Standard AS4600 the is about 2.5 under gravity loads. If the target system reliability index for 355 

the DDM is assumed to be comparable to the member reliability, i.e., fall in the range 2.5 to 3.0 356 

under gravity loads, Table 3 shows that the weighted-average value of ϕs needs to be 0.87 if the 357 

target reliability index is 2.5, and changes to 0.77 for a target reliability index of 3.  358 

 359 

5.3. HSS moment frames subjected to combined wind and gravity loads 360 

Next, the HSS moment frames under both wind and gravity loads is considered. ASCE7-05 361 

describes four wind load cases: Case 1, applying full wind load and considered separately for 362 

each direction; Case 2: applying three quarters of the wind load in conjunction with a torsional 363 

moment, considered separately for each direction; Case 3: applying three quarters of the wind 364 

load, considered to act simultaneously in both directions; and Case 4: analogy to Case 2, but 365 

applying the wind loads at 75% of the specified value. For each baseline frame, the most critical 366 

wind load case was determined, and subsequently used in the reliability assessments to determine 367 

the resistance factors. 368 

 369 

For the eight basis moment frames, the probabilistic models for their lateral resistance were 370 

obtained through Monte Carlo simulation. In each simulation, a dead load and an arbitrary point-371 

in-time live load are sampled from their distributions and applied to randomly generated frame. 372 

The gravity loads are applied first, and subsequently the ultimate lateral resistance of the frame 373 

can be obtained from a static pushover analysis which increasing the lateral load until the frame 374 

collapse. As detailed in [25], the uncertainties in Rw for the eight baseline moment frames are 375 

comparable, with a COV varying between 0.10 and0.16. A lognormal distribution can reasonably 376 
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fit Rw. The distribution of Rw for Frame 3 subjected to wind load Case 1 is shown in Fig. 5, 377 

including a fitted lognormal distribution.  378 

 379 

In the reliability analyses, the dead-to-live load ratio is fixed as Ln/Dn= 2.0, considered to be a 380 

typical live to dead load ratio for HSS structures. Three typical values of wind-to-gravity load 381 

ratios (Wn/(Ln+Dn)) are considered, i.e., Wn/(Ln+Dn) = 0.05, 0.1, and 0.15, with the relative 382 

weights of 30%, 40%, and 30%, respectively. 383 

 384 

The weighted-average values of ϕs for the eight baseline moment frames are presented in Table 385 

5 for four levels of target reliability index. As an example, Fig. 6 plots the β-ϕs curves for moment 386 

Frame 3. From Table 5, it can be observed that the ϕs varies from 0.71 to 0.75, with an average 387 

value of 0.73 when β of 2.75 is considered, and this value of ϕs is increased to 0.81 when a value 388 

of β of 2.5 is considered. A comparison of Tables 3 and 5 demonstrates that the ϕs–values for 389 

wind loading are lower than the ϕs–values for gravity loads only. This is not surprising because 390 

the wind load is more uncertain than gravity loads. Based on Tables 3 and 5, it can be found that 391 

using a system resistance factor of 0.85 would lead to a system reliability index of about 2.7 for 392 

gravity loads only, and 2.4 for wind loads. 393 

 394 

From the study it was also found that the ϕs are not affected by the presence of rigid diaphragms 395 

representing floor slabs, or wind load cases (uni-directional or bi-directional) [25]. 396 

5.4. HSS braced frames subjected to gravity loads only 397 

The system resistance factors for the eight HSS hinge joint braced frames are summarized in 398 

Table6. Resistance distributions and β-ϕs curves for Braced Frame 3are shown in Fig. 7. It is 399 

observed that the system resistance factors summarised in Table 6 are comparable to the results 400 

for moment frames presented in Table 3, suggesting that the same resistance factors can be used 401 

for both moment frames and braced frames.  402 

 403 
 404 
5.5. Serviceability reliabilities of moment HSS frames 405 

As compared to elastic design, the serviceability performance may become more important for 406 

the DDM as the structure could be designed in a lighter and integrated way.The reliability of the 407 

serviceability limit state for HSS moment frames considering roof drift was therefore 408 

investigated in this study. The wind load for considering serviceability is taken as the peak wind 409 
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load in a 10-yearreference period (W10yr). Studies have found that a Type 1 Extreme Value 410 

distribution can model W10yr, with a mean = 0.65Wn and a COV = 0.5 [33, 35]. It is shown that 411 

the 10-yr wind load can be obtained by multiplying the 50-yr wind load by a conversion factor 412 

of 0.7 [35]. Therefore, a load of 0.7Wn was used to check wind drift serviceability. Note that the 413 

serviceability check does not involve using the resistance factors. The criterion for roof wind is 414 

assumed to be H/300, with H representing the building height. The probabilities of exceeding 415 

the wind drift are summarised in Table 7 for the sample baseline frames and wind load cases. 416 

Note that these failure probabilities are for a ten-year reference period. The last column of Table 417 

7 gives the corresponding annual reliability indices for the roof drift limit state. The annual 418 

serviceability reliability indices vary between 1.6 and 2.1. The corresponding annual probability 419 

of exceedance is approximately from 0.018 to 0.05. The reliability of wind drift appears to be 420 

adequate, as the Serviceability Appendix in ASCE 7 suggests an annual serviceability limit state 421 

probability on the order of 0.05 to 0.1 [13]. 422 

 423 

6. Conclusion 424 

To develop the Direct Design Method, sixteen 3D cold-formed HSS frames were analysedfor 425 

their system reliabilities using advanced finite element analysis and Monte Carlo simulations. 426 

The system resistance factors (ϕs) were established for the sixteen baseline frames for different 427 

levels of target reliability index (β). The system reliability analysis results show that although 428 

the frames have different layout, geometries and failure modes, the probabilistic characteristics 429 

of the frames’ ultimate strength are comparable, suggesting similar values of ϕs for all the HSS 430 

frames considered in this study. 431 

 432 
If the target system reliability index for the cold-formed HSS frames designed by the DDM under 433 

gravity loads is assumed to fall in the range 2.5 to 2.75, the system resistance factor would be 434 

ranged between 0.85–0.90 to achieve this target. This range of system resistance factor would 435 

lead to a reliability index between 2.25 to 2.5 for the combined gravity and wind loads. 436 

 437 

Moreover, the serviceability reliability for HSS moment frames subjected to service wind load 438 

was investigated. It was found that the annual drift reliability indices vary from 1.6 to 2.1under 439 

a 10-year service wind load.  440 

 441 
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Table 1: Statistics of the basic random variables. 531 

 Mean COV Distribution Reference 

E En 0.06 Normal [37] 

Fy 1.1Fyn 0.1 Lognormal [37] 

t 0.964tn 0.039 Normal [38] 

D 1.05Dn 0.10 Normal [21] 

L Ln 0.25 Extreme Type 1 [21] 

Lapt 0.25Ln 0.60 Gamma [21] 

W 0.96Wn 0.37 Extreme Type 1 [21] 

COV= coefficient of variation 

 532 
 533 

Table 2: Statistical data of geometric imperfection scale factors for HSS. 534 

 
1a  2a  3a  

μ 1.26×10−4L 4.08×10−5 L 2.2×10−5 L 

  1.62×10−4 L 5.16×10−5 L 2.81×10−5 L

 535 

  536 



 18

Table 3: System resistance factors (ϕs) for HSS moment frames under gravity loads. 537 

Sway Frame Failure Mode Mean/nominal COV 
ϕs 

β=2.50 β=2.75 β=3.0 β=3.50 
Frame 1 BFY-CFY 1.06 0.119 0.88 0.83 0.78 0.68  

BFY-CPY 1.06 0.110 0.86 0.81 0.77 0.67  
BFY 1.08 0.123 0.89 0.84 0.79 0.69  
SWAY-CPY 0.99 0.099 0.84 0.80 0.75 0.66 

Frame 2 BFY-CFY 1.04 0.114 0.85 0.80 0.75 0.65  
BFY-CPY 1.03 0.121 0.83 0.78 0.73 0.64  
BFY 1.05 0.106 0.86 0.81 0.76 0.67  
SWAY-CPY 1.01 0.091 0.87 0.82 0.77 0.68 

Frame 3 BFY-CFY 1.05 0.111 0.88 0.83 0.78 0.68 
BFY-CPY 1.06 0.106 0.87 0.82 0.77 0.68 
BFY 1.05 0.111 0.86 0.81 0.76 0.67 
SWAY-CPY 1.02 0.090 0.88 0.83 0.78 0.68 

Frame 4 BFY-CFY 1.04 0.109 0.87 0.82 0.77 0.67 
BFY-CPY 1.02 0.106 0.86 0.81 0.76 0.66 
BFY 1.06 0.119 0.88 0.84 0.79 0.69 
SWAY-CPY 1.01 0.090 0.87 0.82 0.78 0.68 

Frame 5 BFY-CFY 1.03 0.098 0.86 0.81 0.76 0.67 
BFY-CPY 1.04 0.097 0.89 0.84 0.79 0.69 
BFY 1.04 0.111 0.86 0.81 0.77 0.67 
SWAY-CPY 1.05 0.097 0.90 0.85 0.80 0.70 

Frame 6 BFY-CFY 1.04 0.109 0.84 0.79 0.75 0.65 
BFY-CPY 1.04 0.102 0.88 0.83 0.78 0.68 
BFY 1.05 0.115 0.86 0.81 0.76 0.67  
SWAY-CPY 1.03 0.098 0.88 0.83 0.79 0.69 

Frame 7 BFY-CFY 1.05 0.110 0.88 0.83 0.78 0.68 
BFY-CPY 1.08 0.117 0.88 0.83 0.78 0.68 
BFY 1.05 0.118 0.87 0.82 0.78 0.68 

Frame 8 BFY 1.05 0.096 0.90 0.85 0.80 0.70 
BPY-CPY 1.01 0.094 0.87 0.82 0.77 0.68 
SWAY-CPY 0.99 0.094 0.85 0.80 0.75 0.66 

Average ϕs 0.87 0.82 0.77 0.67 
 538 

  539 
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 540 
Table 4: Weights for gravity loads D + L for cold-formed steel structures [34]. 541 

Ln/Dn 1.0 1.5 2.0 3.0 5.0 

Weight (%) 6% 17% 22% 33% 22% 

 542 
 543 
 544 
Table 5: System resistance factors (ϕs) for HSS moment frames subjected to combined gravity 545 

and wind loads. 546 

Sway Frame Failure Mode 
ϕs 

β=2.25 β=2.5 β=2.75 β=3 

Frame 1 (Wind Load Case 3) CFY 0.91 0.82 0.73 0.66 

Frame 2 (Wind Load Case 3) BFY-CFY 0.90 0.81 0.74 0.67 

Frame 3 (Wind Load Case 1) BFY-CFY 0.92 0.83 0.75 0.67 

Frame 4 (Wind Load Case 1) BFY-CFY 0.88 0.80 0.72 0.65 

Frame 5 (Wind Load Case 1) BFY-CFY 0.92 0.82 0.74 0.66 

Frame 6 (Wind Load Case 1) BFY-CFY 0.92 0.82 0.74 0.66 

Frame 7 (Wind Load Case 1) BFY-CFY 0.90 0.81 0.73 0.65 

Frame 8 (Wind Load Case 1) BFY-CFY 0.86 0.78 0.71 0.64 

Average ϕs 0.90 0.81 0.73 0.66 

 547 

  548 
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Table 6: System resistance factors (ϕs) for HSS braced frame subject to gravity loads. 549 

Braced 
Frame 

Failure 
Mode 

Mean/nominal COV 
ϕs 

β=2.50 β=2.75 β=3.0 β=3.5 
Frame 1 CPY 0.97 0.080 0.84 0.80 0.75 0.66 
Frame 2 

 
BFY 0.97 0.077 0.83 0.79 0.74 0.65 
CPY 0.99 0.071 0.87 0.82 0.78 0.68 

Frame 3 BFY 1.06 0.118 0.88 0.83 0.78 0.68 
CPY 1.04 0.079 0.91 0.86 0.81 0.71 

Frame 4 
 

BFY 1.07 0.111 0.90 0.85 0.80 0.70 
CPY 1.00 0.084 0.85 0.81 0.76 0.67 

Frame 5 
 

BFY 1.07 0.124 0.88 0.83 0.78 0.68 
BPY-CPY 0.98 0.084 0.85 0.80 0.76 0.66 

Frame 6 
 

BFY 1.06 0.117 0.89 0.84 0.79 0.69 
CPY 0.97 0.085 0.84 0.79 0.75 0.66 

Frame 7 
 

BFY 1.08 0.122 0.89 0.84 0.79 0.69 
CPY 1.03 0.099 0.88 0.83 0.78 0.68 

Frame 8 
 

BFY 1.02 0.095 0.88 0.83 0.78 0.69 
BFY-CPY 1.00 0.091 0.86 0.81 0.77 0.67 

Average ϕs 0.87 0.82 0.78 0.68 
 550 

  551 
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Table 7: Nominal roof drift ratios and annual reliability indices (roof drift limit state) for 552 

selected HSS moment frames. 553 

 
Nominal roof 

drift ratios 
Pf(10yr) β (1yr) 

Frame 1 (Wind Load Case 1) H/313 0.362 1.706 

 H/354 0.263 1.879 

  H/397 0.194 2.027 

Frame 1 (Wind Load Case 3) H/309 0.392 1.660 

  H/345 0.307 1.800 

  H/396 0.197 2.019 

Frame 2 (Wind Load Case 1) H/300 0.403 1.642 

  H/333 0.329 1.762 

  H/428 0.164 2.103 

Frame 2 (Wind Load Case 3) H/300 0.421 1.614 

  H/372 0.264 1.879 

  H/408 0.213 1.984 

Frame 3 (Wind Load Case 1) H/313 0.361 1.708 

  H/347 0.267 1.872 

  H/427 0.151 2.139 

Frame 5 (Wind Load Case 1) H/316 0.372 1.691 

  H/375 0.260 1.885 

  H/435 0.156 2.124 

 554 

 555 

 556 

 557 
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Fig.1: Stress-strain curves with and without considering longitudinal bending residual stress. 559 
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Fig.2: Layouts for 3D HSS moment frame systems. 563 
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Braced Frame 7 Braced Frame 8 

 566 
Fig.3: Layouts for 3D HSS braced frame systems. 567 
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(a) Histogram of ultimate gravity strength factor for moment Frame 3 with a failure 

mode of BFY-CFY. 
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Fig. 4: Moment Frame 3 under gravity loads, failure mode BFY-CFY. 
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Fig. 5: Histogram of the ultimate lateral strength factor for moment Frame 3. 
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Fig. 6:  β-ϕs curve for moment Frame 3 under combined gravity and wind loads, failure 

mode: BFY-CFY. 
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(a) Histogram of ultimate gravity strength factor for HSS Braced Frame 3 with a 

failure mode of BFY. 
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(b) β-ϕs curve for HSS Braced Frame 3 

Fig. 7: Braced Frame 3 subjected to gravity load only, failure mode: BFY 
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